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Abstract 
A large number of existing masonry buildings in Canada have been constructed in the last 

200 years. The structural integrity of these masonry buildings, however, has been declining 
overtime. Thus, their compliance to current codes, especially as it relates to seismic requirements, 
has been brought to question. Environmental loads, such as freeze-thaw, have contributed to the 
weakening of the infrastructure. Since masonry structures are weaker in tension than in 
compression, they are more vulnerable to lateral loads. In seismic areas, rehabilitation of masonry 
structures is critical in order to ensure continuous satisfactory performance. Full understanding of 
the material properties of masonry structures is an essential prerequisite in the evaluation of any 
rehabilitation techniques. It is for this reason that the estimation of the effective modulus of 
elasticity and the shear modulus for masonry walls subjected to in-plane lateral loads becomes a 
requirement in the estimation of performance for unreinforced masonry structures. 

An experimental program is currently in progress at the University of Manitoba to 
investigate the lateral displacement, the modulus of elasticity and the shear modulus of brick 
masonry walls. This experimental program involves the testing of three unreinforced brick masonry 
walls under in-plane and vertical loads. Linear Variable Differential Transducers (LVDTs) and 
strain gauges are used to monitor displacements and strains. The data will be used to evaluate the 
uncracked modulus of elasticity and the shear modulus of brick walls under flexure. 

Keywords: Unreinforced Brick Masonry, Modulus of Elasticity, Shear Modulus, Lateral 
Displacement, In-Plane Lateral Load, Uncracked 
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OBJECTIVE 

The objective of this research project is to estimate the effective modulus of 
elasticity (E) and shear modulus (G) of brick masonry walls in flexure, while ensuring the 
displacements of the walls are small enough to prevent cracking of the mortar. 

INTRODUCTION 

One of the oldest construction materials used to build structures around the world 
is masonry. It has been used as a structural element for more than eight millennia around 
the world. Not only have most of the historical buildings been built of unreinforced clay 
brick masonry but also many nuclear power plants of the 20th century. A large number of 
existing masonry buildings in Canada have been constructed in the last 200 years. Over 
the years, the integrity of these old masonry buildings has been declining. One of the 
main reasons for this deterioration is related to the fact that these structures have not been 
designed to resist lateral earthquake forces but mainly to resist vertical loading. Since 
masonry structures are weaker in tension than they are in compression, they are more 
vulnerable to failure under lateral than vertical load. The failure of masonry walls also 
depends on bonding between the mortar and masonry units. The effective design, repair 
and strengthening of masonry buildings therefore require sound knowledge of the 
behaviour of masonry materials and structures along with the method involved in their 
construction. 

SCOPE 

The experimental program will investigate the lateral displacement, modulus of 
elasticity (E) and shear modulus (G) of brick masonry walls. A total of three unreinforced 
brick masonry walls will be constructed and tested under in-plane horizontal loads to 
study the uncracked flexural behaviour. The dimensions of the masonry walls will be as 
follows: 

Test specimen 1: 1.0m (height) × 1m (width) × 0.21m (thickness) 
Test specimen 2: 1.5m (height) × 1m (width) × 0.21m (thickness) 
Test specimen 3: 2.0m (height) × 1m (width) × 0.21m (thickness) 

LITERATURE REVIEW 

The behaviour of masonry walls in seismic areas is influenced by several factors. 
One of the main factors is the performance under in-plane lateral load, which is further 
related to various parameters including the properties of masonry components and their 
performance under lateral load. Various researchers (Franklin et al. 2001; Kaushik et al. 
2007) have conducted research to observe the performance of masonry under in-plane 
lateral load. Kaushik et al. (2007) conducted research to estimate the modulus of elasticity 
along with other characteristics of the clay brick masonry walls and their constituents 
under uniaxial compression force. Masonry walls were tested at the top of each wall 
under incremental displacement loading, which is also referred to as a stroke controlled 
test. The modulus of elasticity of the brick units, mortar and masonry were calculated 
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separately from compressive tests. The modulus of elasticity of the brick masonry walls 
was estimated by calculating the slope of a secant between ordinates corresponding to 5 
and 33% of the ultimate strength of the brick masonry walls. 

According to Jaeger et al. (2008), unreinforced masonry walls (UMW) are more 
vulnerable to shear than flexure. According to the researchers, the modulus of elasticity 
and shear modulus of unreinforced brick masonry walls subjected to lateral load will be 
lower than the traditional values, which are estimated for masonry walls subjected to 
vertical load. Moreover, estimating the uncracked value of the modulus of elasticity under 
lateral load is an important parameter for the resistance of masonry walls to shear effects 
in earthquake prone areas. When unreinforced masonry walls are subjected to earthquake 
loads, cracks propagate through the mortar joints and sometimes through the bricks. 
These cracks reduce the modulus of elasticity and shear modulus of elasticity of masonry 
walls. 

The proposed method of research will be significant in that it will follow a new 
approach to determine the effective modulus of elasticity and shear modulus of brick 
masonry wall under in-plane lateral loads. 

METHODOLOGY 

In this research program, in-plane lateral loads will be applied at the top of each 
masonry wall to measure the uncracked modulus of elasticity (E) and shear modulus (G) 
of the brick masonry walls. For this purpose, the vertical and lateral deflection under both 
lateral and vertical load will be recorded. The stress-strain behaviour of the masonry walls 
will also be observed. The uncracked modulus of elasticity (E) and shear modulus (G) of 
brick walls under flexure can be calculated using the following equations: 
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Where P is the applied lateral load, h is the height of the masonry wall, a is the 
width of the masonry wall, b is the thickness of the masonry wall, δ1 is the lateral 
deflection of the masonry wall of height h and δ2 is the lateral deflection of the masonry 
wall of height 2h. 

For a wall of height 1.5h, the modulus of elasticity and shear modulus can be 
calculated using the following equations: 
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where δ3 is the lateral deflection of the masonry wall of height 1.5h. 

DETAILS OF TEST SPECIMEN AND MATERIALS 

Historic and old masonry structures differ from each other due to their various 
types of constituent materials. Old masonry bricks were collected to build the specimens 
so that they represent the old masonry structures. The typical soft mortar without a colour 
pigment was used with the ratio of 1:3:9 by volume (white Portland cement: Hydrated 
lime type SA: sand).  

When this paper was written, the first masonry wall specimen (1m × 1m × 0.21m) 
was being constructed in the laboratory. This wall was of two wythes thick of solid clay 
brick units. 10 mm thick mortar joints were provided in between the brick units. Air 
content for the first test specimen was 11.4%. Figure 1 shows the first test specimen being 
constructed. A 101.6 mm concrete beam will be casted at the top of the masonry wall to 
provide a level surface.   

   

Figure 1: First test specimen 
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TEST SETUP 

A typical test setup for the experimental program is shown in Figure 2. A steel 
beam will be constructed at the top of each wall to facilitate the application of horizontal 
as well as vertical loads and ensure that the walls remain horizontal upon loading. The 
bottom face of the wall will be fixed with the laboratory strong floor through a base steel 
beam. Horizontal and vertical loads will be applied at the top of the wall through a load 
actuator. Several LVDTs and strain gauges will be installed to measure the deflection and 
strain values of the masonry walls as demonstrated in Figure 3. During each test, the 
horizontal movements shown in Figure 4 will be recorded at the top face of the wall and 
used to determine the uncracked modulus of elasticity and shear modulus of brick 
masonry walls using equations (1) through (4). 

 

Figure 2: Test setup 
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Figure 3: Typical locations of mounted displacement transducer 

 

Figure 4: Deflection of masonry wall under lateral load 
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CONCLUSION 

Researchers have now commonly agreed that heritage and old masonry buildings 
subjected to lateral loads require strengthening to prevent failure. In seismic areas, the 
rehabilitation of masonry structures is necessary to increase the life of the structure and 
reduce the rate of damage arising from lateral loads. It is for this reason that the 
estimation of effective modulus of elasticity and shear modulus for masonry walls 
subjected to in-plane lateral loads becomes a requirement in the estimation of 
performance for unreinforced masonry structures. The research project proposed herein 
will provide estimates of the effective modulus of elasticity and shear modulus for 
unreinforced masonry walls in light of presenting a new approach to ensure the safe 
design of masonry structures in earthquake prone areas. 
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Abstract 
This study is concerned with monotonic and cyclic compression tests conducted on 

historical masonry specimens taken from the Akaretler Row Houses, which were built in the second 
half of the nineteenth century in Istanbul. The historical masonry specimens were the prisms 
constructed with the historical bricks collected from the houses and reproduced mortar to be 
representative of the in-place mortar in terms of mechanical characteristics. The objectives were to 
determine the mechanical characteristics of the historical masonry under monotonic and cyclic 
compression loads in a comparative manner. In order to characterize the behavior of the specimens, 
several quantitative values were derived from the tests. These are the compressive strength, 
compressive stress at proportional limit, corresponding compressive strains, modulus of elasticity 
and ductility. Additionally, a simple regression analysis based on the cyclic test data was conducted 
for determining the relation between plastic and envelope strains. 

Keywords: Historical, Brick, Masonry, Compression, Monotonic, Cyclic 
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INTRODUCTION 

The experimental determination of the characteristics of historical masonry 
structures under several loading patterns is still a challenging issue. Several attempts to 
investigate historical/ordinary masonry under axial and biaxial compression loading have 
been made by Naraine and Sinha (1991, 1992), Karaveziroglou et al. (1997), AlShebani 
and Sinha (1999, 2000), Oliveira et al. (2000) and Aprile et al. (2001). 

Since the process of taking test specimens from existing structures is destructive, 
this is generally not allowed in case of historical structures. Even when this is allowed, it 
may not be possible to take sufficient number and size of specimens without damage for a 
realistic determination of in-place characteristics of load-bearing masonry. In such cases, 
masonry proporties may be identified with tests performed on the reproduced specimens. 
FEMA 356 (2000) recommends the use of reproduced prism specimens for the 
determination of characteristics of existing masonry structures under compression loads 
as an alternative of the testing of the prisms extracted from the existing walls. In this 
study, the monotonic and cyclic compression tests on the prisms constructed with the 
historical bricks and reproduced mortar in accordance with ASTM C 1314-03b (2003) are 
presented. The objective of this study is to investigate the behavior of the historical 
masonry components (brick and mortar) and masonry (prism) under compression loads, 
as well as to provide quantitative values related to the response of the historical masonry 
to cyclic compression loads. These quantitative values are generally required for the 
assessment of seismic safety of the historical structures. While the historical bricks were 
extracted from the Akaretler Row Houses, the reproduced mortar was prepared in a way 
to conform the mechanical characteristics of the historical masonry used in the houses. It 
should be noted that the Akaretler Row Houses were built around 1875 in Istanbul.  

THE AKARETLER ROW HOUSES AND IN-PLACE MATERIALS  

The Akaretler Row Houses, which are located in the south part of Istanbul, is the 
first example of row houses in the Ottoman Empire. These houses were constructed by 
the financial support of the Ottoman Court around 1875. The houses, which were stepped 
parallel to the slope of the terrain, include totally 133 housing units. The aerial view and 
façade of the houses with similar characteristics can be seen in Figure 1.  

  

Figure 1: The aerial view, façade and wall bond of the historical row houses.  
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Although the original structural system of these houses was constituted with 
masonry walls in the form of solid clay bricks laid in mortar and vaulted slabs made of 
bricks and steel, several vaulted slabs were replaced with reinforced concrete plate slabs 
during the past restoration activities. Almost all masonry walls were built through cross 
bond (also known as English bond) brick arrangements, Figure 1. Sizes, colors and marks 
of the bricks and the thicknesses of bed and head mortar joints showed a large variation 
throughout the houses. While the sizes of the bricks were 222-261 mm in length, 109-126 
mm in width  and 54-68 mm in height; the bed and head joint thicknesses were 10-35 mm 
and 10-25 mm, respectively. 

THE MATERIAL CHARACTERISTICS OF THE HISTORICAL 
MASONRY COMPONENTS 

As masonry is generally formed with units laid in bed and head mortar joints, the 
mechanical characteristics of masonry depend on material characteristics of units and 
mortars, in addition to the quality of workmanship, type of wall construction, thicknesses 
of mortar joints, bond type, and uniformity and regularity of size and shape of brick 
(Mulligan, 1942; Bayülke, 1980 and Croci, 2000). For characterizing the basic 
mechanical characteristics of masonry components, flexural tensile and compression tests 
on the brick and mortar samples, which were extracted from the walls of the historical 
Akaretler Row Houses, were performed, (Ispir et al. 2009). The chemical analyses of the 
brick and mortar samples revealed that the bricks were simply produced (common type) 
in field kilns and that the binder of the mortar was made of hydrated lime mortar, without 
brick powder (Ilki et al. 2007). The results of the flexural tests obtained through a three-
point bending test configuration are presented in Table 1. In addition to the compression 
tests of the individual bricks, the compression tests of the three-brick specimens, which 
were built with three bricks bonded with a thin layer of a high strength cement-type 
mortar in stack bond, were carried out. The compressive strengths of the brick, three-
brick, and mortar specimens are given in Table 2. The purpose of the three-brick tests was 
to understand the potential role of the friction between the loading plates and specimen, 
which could occur due to the small heights of the single brick specimens. The fact that the 
average compressive strength of the individual brick specimens (5.5 MPa) is remarkable 
higher than the strength of the three-brick specimens (2.3 MPa) indicates the magnitude 
of the influence of the friction, as well as size and aspect ratio effects. 

Table 1: The flexural tensile strengths of the bricks and mortars (Ispir et al. 2009) 

Material Number Flexural strength 
Range (MPa) Average (MPa) CoV (%) 

Brick 8 1.01-1.81 1.35 23 
Mortar 5 1.05-1.54 1.28 14 
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Table 2: The compressive strengths of the bricks and mortars (Ispir et al. 2009) 

Material Number 
Compressive strength Young’s modulus 

Range 
(MPa) 

Average 
(MPa) 

CoV 
(%) Range (MPa) Average 

(MPa) 
CoV 
(%) 

Brick 25 1.78-12.00 5.5 55 34-430 150 66 
Three-brick 15 1.40-4.70 2.3 41 118-322 192 34 

Mortar 30 1.61-4.75 3.1 30 96-399 232 44 
 

THE MATERIAL CHARACTERISTICS OF REPRODUCED MORTAR  

The stack bonded prisms were constructed with original (extracted) bricks and 
mortar which was produced in a way to conform to mechanical characteristics of original 
mortar. Although original mortar included lime as binder; both cement and lime were 
used for reproduced mortar as the process of hardening of lime mortar takes more time 
than that of cement or hybrid mortar. In order to find appropriate proportion of cement, 
lime, sand and water, a series of trial mixtures was made. After execution of some basic 
initial mechanical tests, the appropriate proportion of cement, lime, sand and water was 
detrermined as 1:2:15:2.9 in weight, respectively.   

In order to determine the variation of mechanical characteristics of reproduced 
mortar with time, flexural and compression tests were performed at the ages of 7, 14, 28, 
90 and 210 days following the production of reproduced mortar, Figure 2. The mortar 
specimen preparation and flexural and compression tests were carried out in accordance 
with provisions of TS EN 1015-11 (2000). The flexural tests were performed on mortar 
prisms of 40×40×160 mm and the compression tests were carried on mortar specimens 
obtained from the broken halves of the flexural test specimens. As shown in Figure 2, the 
increment rates of the flexural tensile and compressive strengths are slowing down as the 
age increases. After the age of 90 days, the flexural tensile and compressive strengths can 
be considered as 0.85 and 3.0 MPa, respectively. The average Young’s modulus of the 
specimens tested at the ages of 210 days was determined as 224 MPa. Since the specimen 
ages at the time of masonry prism tests were over 210 days; the average values of the 
flexural tensile and compressive strengths and Young’s moduli of the reproduced mortar 
were considered as 0.85, 3.0 and 224 MPa, respectively. It can be seen that these values 
are quite close to the corresponding values of the original mortar (Table 1 and Table 2). 
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Figure 2: The development of flexural tensile and compressive strengths with age and the 
relationships of the compressive stress-compressive strain for reproduced mortar at the 

age of 210 days. 

THE MONOTONIC COMPRESSION TESTS ON MASONRY PRISMS 

The test prisms were constructed with the historical bricks, which were collected 
from the load-bearing walls of the Akaretler Row Houses, and reproduced mortar with 
mechanical characteristics similar to that of the original mortar. The construction process 
of the prisms is illustrated in Figure 3. The prisms contained three bricks in stack bond 
with two mortar bed joints. The prisms were constructed with bricks whose lengths were 
reduced and the nominal thicknesses of the joints were 20 mm in average. The bed joints 
of the original walls were also approximately 20 mm thick in average. 

The length )( pl , width )( pb , height )( ph  and the mortar joint thicknesses )( mbt  
of the specimens were varied  between 138-181, 116-130, 235-252 and 14-35 mm, 
respectively. The height-to-width )( pp bh ratios of these prisms varied between 1.9 to 
2.1. Consequently, the prisms were conforming to the requirements of ASTM C 1314-03b 
(2003) (1.3-5.0). 
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Figure 3: The construction steps of the prisms. 

The tests of the prisms were performed using an Instron Satec 1000RD testing 
machine with a load capacity of 5000 kN. The closed-loop servo-controlled testing 
machine has a capability of performing test with load and displacement control 
techniques. The tests were displacement controlled with a constant rate of 0.3 mm/min 
(~0.001 strain/min). A preload of 5 kN was applied to each specimen before actual test. In 
addition to the internal displacement measurement system of the test machine, external 
LVDTs (linear variable displacement transducer) were attached to each surface of the 
specimens for measuring the axial shortenings, Figure 4. While the applied load was 
measured by the built-in load cell of the Instron device, the measurements of the LVDTs 
were stored by a TML TDS 303 datalogger.  

 

Figure  4: The measurement system used for the prism compression tests. 
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Figure 5. Quantitative test results are presented in Table 3. As seen, the test results are 
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proportional limits )( , ppcσ , and corresponding strains )( , ppcε , Young’s moduli )( pcE , 

and ductilities )( pcµ  were determined as 2.3 MPa, 1.0%, 1.0 MPa, 0.3%, 373 MPa and 
1.4, respectively. It should noted that ductility is calculated as the ratio of the strain at 
85% of strength at post-peak branch to the strain at strength level. According to ASTM C 
1314-03b (2003), the compressive strengths obtained from the tests should be corrected to 
eliminate size effects, depending on  pp bh ratios. The corrected average compressive 
strength of the prisms was equal to the average compressive strength obtained from the 
tests (2.3 MPa). As shown in Table 3, while scattering for strain at strength level and 
ductility is quite low scatter, the compressive strength and Young’s modulus values 
showed a larger scatter, with respect to the distribution of the other mechanical values. 

 

Figure 5: The relationships of the compressive stress-compressive strain under monotonic 
compression loading. 

Non-linear behavior occuring in ascending branches of compressive stress-
compressive strain relationships can be defined by comparing secant moduli at peaks with 
the moduli at proportional limits, namely, Young’s moduli. This comparison showed that 
there is a reduction of 26-55% on the moduli. This shows the remarkable non-linearity of 
the stress-strain relatiponships before the peak stress is reached. While the ratio of 
Young’s modulus to corresponding compressive strength varies between 130-209; the 
ratio of stress at proportional limit to corresponding compressive strength varies between 
0.38-0.53.  

The test results of the masonry components and the masonry prisms show that 
these mechanical characteristics obtained were low with respect to the modern masonry 
characteristics. 
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Table 3: The results of the monotonic compression tests on the prisms. 

Characteristic Minimum Maximum Average Stdev CoV 

pcf  (MPa) 1.32 3.56 2.3 0.84 0.37 

fpc,ε  (%) 0.83 1.25 1.0 0.13 0.13 

ppc,σ (MPa) 0.64 1.46 1.0 0.30 0.30 

ppc,ε (%) 0.21 0.41 0.3 0.06 0.20 

pcE  (MPa) 197 577 373 143 0.38 

pcµ  1.1 1.7 1.4 0.22 0.16 
 

THE CYCLIC COMPRESSION TESTS ON MASONRY PRISMS 

In order to have a better understanding of the historical masonry behavior under 
cyclic compression loading, five prisms identical to the specimens tested under 
monotonic loads were tested under cyclic compressive stresses. This type of cyclic 
loading can be experienced by the masonry walls during seismic actions. The test 
specimens with a range of joint thicknesses of 18-30 mm were 132-201 mm in length, 
105-129 mm in width and 239-251 mm in height.  

The cyclic tests were also performed using the Instron testing device. After the 
pre-load of 5 kN, the cyclic tests were carried out with strain rate of 0.003 strain/min 
(~0.7 mm/min). The tests included loading and reloading-unloading cycles until the 
specimens failed. The unloading branches were started at the vertical strain values of 
0.15, 0.5, 1, 1.5, 2, 2.5, 3, 3.5, 4, 4.5 and 5%  and the reloading branches were started at 0 
kN. It should be noted that the compressive strain here was the ratio of the change in 
height of the specimen to the initial height, namely the strain measured by the Instron 
testing machine. In addition to the measurement systems of the Instron testing machine, a 
total of 4 LVDTs with the capacity of 25 mm were used for measuring the displacements 
at around mid-heights of specimens as shown in Figure 4. 

Utilizing the measurements of the LVDTs, the compressive stress-compressive 
strain relationships and their envelope curves were obtained to characterize the cyclic 
behavior, Figure 6. However, as the test data of one of the specimens could not be 
recorded due to a technical problem, only four curves are given in Figure 6. Several 
quantitative characteristics derived from the cyclic tests and the statistical assessments of 
these characteristics are presented in Table 4. These quantitative values are the cyclic 
compressive strength )( pccf , vertical strain )( , fpccε  at strength, compressive stress at 

proportional limit )( , ppccσ  and corresponding vertical strain )( , ppccε , Young’s modulus 

)( pccE  and ductility )( pccµ .  
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While the ratio of Young’s modulus to corresponding compressive strength varies 
between 133-158; the ratio of stress at proportional limit to corresponding compressive 
strength varies between 0.34-0.47. Consequently, it can be concluded that these values are 
close to the values obtained from the monotonic tests of the prisms. Furthermore, the 
envelopes of cyclic stress-strain relationships are quite similar to the stress-strain 
relationships of the masonry prisms tested under monotonic loading (Figure 5 and Figure 
6). 

 

Figure 6: The relationships of the compressive stress-compressive strain under cyclic 
loading and envelope curves. 

Table 4: The results of the cyclic compression tests on the prisms. 

Characteristic Minimum Maximum Average Stdev CoV 

pccf  (MPa) 1.59 4.16 2.7 1.16 0.43 

fpcc,ε  (%) 0.74 1.26 1.0 0.22 0.22 

ppcc,σ (MPa) 0.74 1.59 1.1 0.39 0.35 

ppcc,ε (%) 0.22 0.29 0.3 0.03 0.10 

pccE  (MPa) 252 472 360 110 0.31 

pccµ  1.1 1.9 1.5 0.33 0.22 
 

The cyclic characteristics of the masonry prisms can be defined through the 
envelope and plastic strain relationships and stiffness degradation. While plastic strain is 
the residual strain at zero stress after an unloading; envelope strain is the strain on the 
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envelope curve where unloading started. Although, the number of tests is not sufficient to 
propose a general relationship between plastic and envelope strains, for having an idea on 
this relationship, a regression analysis is carried out, (Figure 7), which ended up with 
Eq.(1). 

 

Figure 7: The plastic strain-envelope strain relationship. 

nennennp ,
2

,, 65.010.0 εεε +=
 

(1) 

In this equation; np,ε  and nen,ε  are the normalized plastic and envelope strains, 
respectively. The envelope and plastic strains are normalized with respect to strain at peak 
stress. Naraine and Sinha (1991) have also expressed the normalized plastic-normalized 
envelope relation with a similar parabolic function. However, the constants of the 
function were 0.27 and 0.17, respectively. These differences may be resulting from the 
different characteristics of the masonry specimens in terms of strength, composition and 
size that the equations are based on. 

For determining the cyclic stiffness degradation, slopes of unloading-reloading 
branches were calculated as the slope of a straight line plotted between intersection point 
of unloading-reloading and zero-stress point. The variations of the stiffness degradation 
with compressive strain are plotted in Figure 8. In this figure, the prisms were denoted 
with the average compressive strength. The slope values indicate that there is a stiffness 
degradation taking place especially in post-peak branches. The cyclic strength 
degradation-compressive strain relationships are also shown in Figure 8. It should be 
noted that while the degraded stiffness and strength were calculated as the percentage of 
the peak values; compressive strain was normalized with peak strain. 
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Figure 8: The stiffness degradation in the cyclic compression tests. 

FAILURE MECHANISMS OF THE PRISMS  

The failure mechanisms of the prisms under monotonic and cyclic loads were 
similar. The formation of damage started with almost vertical cracks on the bricks or the 
bed joints. Then, new cracks appeared either on bricks or joints as extension of the former 
cracks. It should be noted that cracks occurring on bricks extended to the mortar joints or 
vice versa. As these cracks were widening, new cracks were also formed. After that, the 
face shell separation of the brick pieces could be visible due to the propagation of the 
cracks. Consequently, the specimens failed due to the separation of the brick and mortar 
joint pieces. The appearances of the specimens after the test are illustrated in Figure 9. 
Since the mechanical characteristics of the bricks and mortar were close to each other, a 
distinct crushing of only mortar or only brick was not observed. 

 

Figure 9: Damages of the masonry prisms after the tests. 
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The average compressive strengths of the prisms were determined as 2.3 and 2.7 
MPa for the monotonic and cyclic tests, respectively. These values are lower than the 
average compressive strengths of the bricks (5.5 MPa) and the mortar (3.1 MPa), but are 
little higher than or close to that of the three-brick specimens (2.3 MPa). The average 
compressive strength of the prisms based on the average strengths of the brick and mortar 
was predicted as 2.6 MPa according to the equation given in EN 1996-1-1 (2005). This 
prediction is in good agreement with the test results (2.3 and 2.7 MPa). The range of the 
ratios of Young’s modulus to strength obtained (130-209) are remarkable lower than the 
constants of 550 and 1000 given in FEMA 356 (2000) and EN 1996-1-1 (2005), 
respectively; but the range is close to the constant of 200 given in TSDC (2007). The 
difference in the constants given in the codes may be explained with the local 
characteristics of masonry. 

The strength and deformation characteristics obtained from monotonic and cyclic 
compression tests are quite similar. From this similarity, it may be concluded that the 
monotonic stress-strain relationship can be used as an envelope for the cyclic stress-strain 
relationship. The normalized data points of the envelope curves obtained in this study are 
shown together with the predictions of Eq. (2) proposed by Naraine and Sinha (1992) and 
Eq. (3) proposed by Ispir et al. (2009) in Figure 10. While Eq. (2) was based on the cyclic 
test data of the masonry wall specimens of 360×360×115 mm, Eq. (3) was based on the 
monotonic test data of the masonry core specimens including two pieces of bricks bonded 
with one layer of bed joint. It should be noted that Eq. (2) was also confirmed for sand 
plast brick masonry by AlShebani and Sinha (1999). 
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ε
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(3) 

In Eq. (2), f  is the compressive stress of the wall specimens, mf  is the 

compressive strength, mε  is the vertical strain at compressive strength and ε  is the 

vertical strain. In Eq. (3), ncc,σ  is the normalized compressive stress and ncc,ε  is the 
normalized vertical strain of the specimens. The stress and strain values should be 
normalized with respect to compressive strength and corresponding strain, respectively. 
As shown in Figure 10, while Eq. (2) generally overestimates the compression response, 
Eq. (3) demonstrates a slightly better prediction. It should be noted that Eq. (2) is 
obtained based on the compression test data of the masonry specimens built with 
relatively high strength masonry components (brick of 13.6 MPa and mortar of 6.6 MPa) 
with respect to the masonry components of the prisms tested in the study. 
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Figure 10: The comparison of the experimental and predicted envelope curves. 

CONCLUSIONS  

In this experimental study, the characteristics of the bricks and the mortar under 
monotonic compression and of the masonry prisms under monotonic and cyclic 
compression were investigated for approximately 140 years old historical Akaretler Row 
Houses in Istanbul. The strength and deformation characteristics obtained from the 
monotonic and cyclic tests of the prisms were quantitatively explained and it is seen that 
these characteristics are similar in case of monotonic and cyclic loading. Furthermore, 
cyclic stiffness degradation of the masonry prisms, as well as the characteristics of 
unloading-reloading branches are figured out. It should be also noted that the 
characteristics of historical masonry examined in the study are significantly different with 
respect to modern masonry characteristics.   
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Abstract 
Many un-reinforced masonry heritage structures are widely present throughout Iran and 

around the world. These structures seem to suffer the most severe damage during earthquakes. Not 
only the prohibitive cost of replacing all substandard structures, but also the conservation of these 
buildings, necessitates the development of innovative techniques for rehabilitating deteriorating 
structures. Masonry is a complex material which exhibits distinct directional properties due to the 
mortar joints which act as planes of weakness. For numerical modelling a masonry structure, 
macro-models and micro-models can be used. In order to evaluate the material description for 
macro modelling, tests should be performed in masonry prisms with sufficient size under 
homogeneous states of stress and strain. This paper reports the mechanical property of the brick 
vault and adobe piers of a heritage complex building located in Yazd city, Iran with clay and clay 
and gypsum- mortars respectively that are determined by testing prism specimens. Standard testing 
machines and two points bending test are employed to evaluate the mechanical properties of brick 
vault, adobe piers, units and mortars. Finally, nonlinear macro-modelling analyses are carried out in 
order to calibrate the tests results. Good correlation between numerical and tests results is observed.    

Keywords: Heritage, Brick Masonry Vault, Adobe, Prism, Mechanical Properties, 
Testing, ANSYS, Numerical 
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INTRODUCTION 

Masonry is a heterogeneous complex material comprised of units such as stones; 
adobes and bricks connected by dry or mortar joints. In numerical analysis of masonry, 
macro-modelling as a composite and micro-modelling of the individual components (i.e. 
units) and mortar separated by non-linear interface elements for mortars can be employed 
[1]. In macro-modelling approach, units, mortar and unit-mortar interface are assumed to 
be smeared in the continuum. This approach does not make a distinction between 
individual units and joints but treats masonry as a homogeneous anisotropic continuum. 
Basically, one modelling strategy cannot be preferred over another because different 
application fields exist for micro- and macro-models. Clearly, macro-modelling is more 
practical due to its fast and memory efficient processing as well as a user-friendly mesh 
generation. Accurate numerical modelling of masonry structures using macro-modelling 
approach requires a thorough experimental data of the prism specimens. However, the 
properties of masonry are influenced by several factors, such as material properties of the 
units and mortar, arrangement of bed and head joints, anisotropy of units, dimension of 
units, joint width, quality of workmanship, degree of curing, environment and age. These 
factors can make difference between one result to another in two different case studies [2, 
3]. 

Several past studies have been carried out on the mechanical behaviour of the units 
and brick and adobe structures. For example Maheri [4] and Maheri and Rahmani [5] 
carried out standard tests on hollow brick units, gypsum-clay mortar and brickwork. They 
examined the design of jack arc masonry slabs that was made by hollow brick and 
gypsum-clay mortar. They introduced a type of engineered jack arch slab, in the form of a 
two-way action, steel-grid system in their research. Based on the experimental and 
numerical studies of full size, one way and two-way jack arch systems, Maheri and 
Rahmani [5] showed the effectiveness of their proposed system. Kuwata et al. [6] 
developed a computer program using a DEM (Discrete Element Method) in order to 
simulate the collapse of an adobe masonry structure into the evaluation of the 
vulnerability of this structure during the 2003 Bam earthquake, Iran. Following this study, 
Mahini et al. [7] investigated potential failure of a heritage brick vault located in Yazd 
city, Iran built in 1935 under lateral loads. In this building, the piers were built by adobe 
masonry whereas the roof vault was made up of clay bricks with gypsum-clay mortar. 
Mahini et al. [7] used a nonlinear finite element model in this investigation in which the 
masonry is modelled as an anisotropic continuum using smeared material models. The 
material properties of continuum masonry were determined by testing. Finally, they 
strengthened the brick vault using CFRP sheets at extrados with different architecture and 
the failure mechanisms of the structure before and after strengthening are compared. 
Mahini et al. [7] showed that when the vault is strengthened at extrados, the failure 
mechanism would improve to provide higher ultimate load capacities.   

In the current study, completion tests are carried out using undamaged specimens 
obtained from the Egbal case study heritage building in order to estimate the exact 
mechanical properties of the brick units, mortars, the brick vault and adobe prisms and 
also the compressive strength of adobe units in loading direction similar to the adobe 
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piers of the Egbal heritage building. Numerical modelling of the brick and adobe prisms 
are also carried out and the results are compared with the tests data. 

GEOMETRY OF THE CASE STUDY  

The brick masonry vault that is examined in this study belongs to the Egbal 
heritage building, Yazd, Iran. This complex building was built for a textile factory called 
Egbal between 1932 and 1935. In the recent years, several restorations were made by the 
Yazd Science and Technology Park to be used as its main office. In this building, brick 
vaulting systems were used for covering the roof, while the side piers were made by 
adobe. 

In Figures 1 (a) and 1(b), external and internal views of the building and also in 
Figure 1 (c) the transversal section at the vault are shown. Figure 1 (c) also shows a 3D 
representation of the vault’s brickwork style under loading.  

   
(a) (b) (c) 

Figure 1. (a) An internal; (b) external view and (c) the section at the case study vault of 
the Eghbal heritage  complex building. 

Basically, the geometrical parameters which can be considered of primary 
importance that affecting the structural behaviour of vault are the piers height; H = 3.17 
m, piers width; B = 0.9 m, arch rise (radius for circular arch); R = 3.70 m, arch span; L = 
6.47 m and the thickness at crown; s = 200 mm (see Figure 1 (c)). 

In the following sections, testing results of the masonry units and mortars and also 
brick and adobe prisms are presented followed by numerical modelling of the prism 
specimens and comparison of the results with the experiments. 

EXPERIMENTAL RESULTS 

Mechanical properties of units 

Compressive strength of brick 

Brick units which were used in Egbal heritage complex building were made by 
traditional method in which no standards had been followed in their production. For this 
reason, fairly similar mechanical properties for the specimens are not expected. In order 
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to estimate the compressive strength of the brick, six undamaged specimens are selected 
randomly from different parts of a vault in this building and their uniaxial compressive 
strengths in the actual loading direction are measured using Universal Testing Machine. 
In these tests, both top and bottom of the units are grinded in order to minimize gaps 
between the machine plates and the specimen faces. Figure 2 shows one of these 
specimens under testing.  Figure 3 depicts the stress-strain curves for all specimens. 
Based on these curves, the average pick compressive strength of the brick unit, bf ′ is 
estimated about 13.5 MPa.  However, previous tests which carried out by the authors [7] 
exhibited a relatively lower strength for the brick due to the low quality of the damaged 
old brick specimens which were used in the test. As it shown in Figure 3, the compressive 
strength of these hand-made bricks is very diverse. The average tangent modulus of 
elasticity of brick unit bE is also calculated about 6200 MPa. 

 

Figure 2.  A brick unit under universal test. 

 

Figure 3.  Compressive stress-strain curves of all brick unit specimens.  

Compressive strength of adobe 

Due to the brittle nature of the adobe units, it was hard to take an undamaged 
sample for testing. For this reason, a traditional workman who was preparing adobe to 
repair other heritage buildings is employed to make adobe units similar to the original 
specimens of the case study building. During making the specimens, two tiles are used to 
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press the top and bottom of the adobe in order to provide fairly smooth surfaces for 
testing as shown in Figure 4 (a). The dried specimens are then grinded and prepared for 
testing. Compressive load is applied in the flat face of the specimens similar to the 
loading direction of the adobe piers. Universal Testing Machine is employed to carry out 
the test similar to the brick specimens. Figure 4(b) shows an adobe unit under testing. The 
stress-strain curve for all of specimens and the average diagram are depicted in Figure 5. 
Based on this diagram, the pick compressive strength for these specimens af ′  is estimated 
around 8.3 MPa with the tangent modulus of elasticity abE of about 125 MPa.  It should 
be mentioned that, the corresponding strain ratio at pick stress is about 10% which shows 
a high plasticity and substantial deformation for the adobe units.  

  
(a) (b) 

Figure 4.  (a) An adobe unit during making (b) an adobe unit under universal test. 

 

Figure 5.   Compressive stress-strain curves of all specimens and the average diagram for 
adobe units. 

Mechanical properties of mortars 

Compressive Strength  

As mentioned above, in the case study heritage building, clay and gypsum-clay 
mortars have been used for construction of the brick vault and the adobe piers 
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respectively. The compressive strength of the mortars is obtained from standard testing 
set-up using the cubic 50×50×50 mm3 specimens after 28 days of curing. A typical ratio 
of 1:1 for gypsum and clay is used for making gypsum-clay mortar.  From the tests data, 
the average compressive strength of clay mortar and gypsum-clay mortar are estimated 
around 4.4 MPa and 5.7 MPa respectively.  

Tensile Strength  

The tensile strength of clay and gypsum-clay mortars are also determined using 
standard testing set-up. Similar to the compressive specimens, a typical ratio of 1:1for 
gypsum-clay mortar is used in making tensile specimens. Figure 6 shows one of these 
specimens under testing. The average value of tensile strength is estimated around 0.51 
and 0.81 MPa for clay and gypsum-clay mortars respectively.  

 

Figure 6.  A mortar specimen under tensile test. 

Mechanical properties of prisms 

Compressive strength of brick prisms 

Three brick and gypsum-clay prisms are built in order to determine the 
compressive strength of brick vault specimens of the Egbal heritage building. All 
specimens are made from eight old solid bricks which are bonded by gypsum-clay mortar. 
The average density of these specimens is calculated about 1600 kg/m3. 

For fully contact the specimens to the Universal Testing Machine’s plates, the top 
and bottom of the specimens are cut and grinded. Figure 7 shows a brick prism under 
testing and also a 3D illustration of the vault’s brickwork under loading. In order to 
simulate the plane strain nature of the brick vault, two steel plates are installed and fixed 
on both sides of the specimen in order to provide confinement during the loading process 
as illustrated in Figure 7(a). The stress-strain curves for all specimens and the average 
diagram are shown in Figure 8. As is seen, the average compressive strength of brick 
prism bpf ′ is obtained about 8.6 MPa at strain of 2% and the tangent modulus of elasticity 

bpE of 1670 MPa. It should be mentioned that initial tests carried out by Mahini et al. [7] 
exhibited a relatively lower strength under compressive stress due to of damaged bricks 
have been used in making brick prisms.  
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(a) (b) 

Figure 7.  (a) Brick prism under compressive testing, (b) a 3D illustration of the vault’s 
brickwork under loading. 

 

Figure 8.  Compressive stress-strain curves of all brick prisms and the average diagram. 

It is mentionable that similar tests performed by the Maheri and Rahmani [5] on 
brick prisms made by hollow bricks and gypsum-clay mortar estimated the average 
compressive strength of about 5.6 MPa.  

Compressive strength of adobe prism 

The piers of the selected heritage building have been built with adobe and clay 
mortar. Three adobe prisms are built using the adobe units which are made by a local 
traditional workman, in order to determine the mechanical properties of these specimens 
by testing. Each prism consists of four adobe units connected by clay mortar. The 
specimens are capped using gypsum mortar as shown in Figure 9(a) and then are loaded 
at their top faces in the load direction of the actual pier. Compressive strength of the 
adobe prisms are measured by Universal Testing Machine. Figure 9(b) shows a specimen 
at failure. The crack patterns in the final loading step are also shown. The stress-strain 
relations of all specimens and the average diagram are shown in Figure 10. According to 
the test results, the average amount of compressive strength apf ′  and the tangent modulus 



P a g e  | 154  CSHM-3; 11-13 August 2010, Ottawa-Gatineau, CANADA 

Mahini, “Mechanical Properties of Brick Vault and Adobe Piers – A Heritage Case 
Study”, 8/14 

of elasticity apE are estimated about 1.1 MPa at strain of 2% and 200 MPa respectively. 
The average density of the specimens is also about 1745 kg/m3.  

  
(a) (b) 

Figure 9.  (a) Adobe prism specimens after capping (b) an adobe prism at failure. 

 

Figure 10.   Compressive stress-strain diagram of all adobe prisms and the average 
diagram. 

Tensile strength of brick vaults 

The relatively low tensile bond strength between the bed joint and the unit causes 
deboning failure of composite masonry. Hence, the masonry tensile strength can be 
estimated to the tensile bond strength between the joint and the unit. In this study, the 
tensile strength of brick vaults is determined using two points bending test similar to the 
ASTM C78 method for concrete samples.  Six brick prisms are built from actual samples 
and gypsum-clay mortar with the ratio of 1:1 and are tested as shown in Figure 11 (a) and 
11(b). Based on the test results, the tensile strength of the brick prisms is obtained about 
0.04 MPa. This shows the low tensile strength of the masonry buildings and gypsum-clay 
mortar. 
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(a) (b) 

Figure 11. (a) A brick prism under tensile test; (b) two points bending test model of brick 
prism. 

Tensile strength of adobe prism 

Similar testing set-up is employed to determine the tensile strength of adobe 
prisms. The average amount of tensile strength of these specimens is estimated about 
0.015 MPa.  

NUMERICAL MODELLING 

The prism specimens are numerically simulated under uniaxial compression. In 
this section, the element types, geometry of the models, loading, boundary conditions and 
material modelling are presented. Typical stress-strain diagrams obtained for numerical 
modelling are presented followed by a comparison with the experimental data.  

Element Types  

Generally, the brick masonry vault and the adobe piers are complex structures 
involving interaction between the masonry material and the overlying fill materials each 
of which has the potential to behave in a nonlinear manner under loading. Three 
dimensional finite element models allow the analyst to account accurately for the extent 
and geometry of each of these constituents in constructing a representative numerical 
model of a masonry structure. 

The ANSYS v.9 finite element software is used to construct the model and three-
dimensional eight nodded isoparametric elements, solid65, are employed for the masonry 
materials. This element uses a smeared crack model to allow the formations of cracks 
perpendicular to the direction of principal stresses that exceed the tensile strength of the 
masonry material. Although this element has been designed to model the concrete, but As 
ANSYS online manual stated, it has the capability of modelling cracking and crushing of 
quasi-brittle materials such as masonry, usually referred to as nonlinear behaviour. 
Macro-modelling technique is used for the brick vault and the adobe pier specimens with 
material properties measured on continuum prism of the vault and piers. In addition, the 
fill material is assumed to be uniform through its depth. Solid45 is used to model the top 
and bottom steel jack plates of the Universal Testing Machine.  This element is defined 
by eight nodes each having three translational degrees of freedom. 
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Geometry of the models, loading and boundary conditions  

A fairly fine 3D mesh, consisting of 1296 and 108  solid elements (solid65), are 
used to model the brick and the adobe prism specimens respectively, which are subjected 
to the uniaxial load deriving from the self weight and the applied loading from the testing 
machine (see Figure 12). As is seen, all meshes specified for brick vault and adobe pier 
prisms and also the steel plates at the top and the bottom of the specimen are illustrated. 
Steel plates are modelled in the finite element analysis at the loading and the support 
locations in order to provide a more even stress distribution over the loading areas similar 
to the Universal Testing Machine set-up, as shown in Figure 12. The boundary conditions 
of the models are also shown. In this study, full newton-raphson iterative solution 
algorithms with force and displacement convergences are used. The failure is defined as 
the situation at which the solution for the last load increment did not converge.  

  
(a) (b) 

Figure 12. Geometry of the models, loading and boundary conditions of (a) brick prism; 
(b) adobe prism. 

Material modelling 

Both cracking and crushing failure modes are accounted for the masonry model in 
ANSYS. The model is capable of predicting failure for brittle materials. To define a 
failure surface for concrete (i.e. brittle materials), two strength parameters, i.e., ultimate 
tensile and compressive strengths are needed. As mentioned above, this model is capable 
to reasonably predict the quasi-brittle materials such as masonry prisms. A three-
dimensional failure surface for brittle materials is shown in Figure 13 that represents the 
3-d failure surface for states of stress, which are biaxial or nearly biaxial. In figure 13, cf ′  
and rf  are the ultimate uniaxial compressive and tensile strength of the masonry 
respectively. If the most significant nonzero principal stresses are in the xpσ and ypσ

directions, the three surfaces presented are for zpσ  greater than zero, equal to zero, and 

less than zero. Although the three surfaces, shown as projections on the xpσ - ypσ  plane, 
are nearly equivalent and the 3-d failure surface is continuous, the mode of material 
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failure is a function of the sign of zpσ . For example, if xpσ  and ypσ  are both negative 

and zpσ  is slightly positive, cracking would be predicted in a direction perpendicular to 

the zpσ  direction. However, if zpσ  is zero or negative, the material is assumed to crush. 
In the current study, the estimated average stress-strain curves as shown in Figures 8 and 
10 are used to model the masonry materials. A linearly elastic material with modulus of 
elasticity of 200GPa is assumed for the steel plates. The yield stress of the steel plate is 
about 410MPa. 

 

Figure 13. 3-D failure surface for brittle materials; ANSYS v.9. 

A shear transfer coefficient, tβ  is introduced which represents a shear strength 
reduction factor (i.e., shear transfer coefficient) for those subsequent loads, which induce 
sliding (shear) across the crack face. If the crack closes, then all compressive stresses 
normal to the crack plane are transmitted across the crack and only a shear transfer 
coefficient, cβ  for a closed crack is introduced. Previous researchers [8] have chosen 
values of tβ  between 0.05 and 0.5. In the current study, the best estimates of the 
behaviour are obtained if a shear transfer coefficient, tβ  of 0.5 and 0.25 are taken for 
open cracks in brick and adobe prisms respectively. The shear transfer coefficient for 
closed cracks, cβ  is taken as 0.7 for brick prism as recommended in the ANSYS online 
manual. However, the best behaviour is obtained for close cracks in adobe prism when a 
shear transfer coefficient of 0.95 is taken.  

The ANSYS model is employed in order to account for tension stiffening in 
masonry prisms after cracking (see Figure 14). The ultimate uniaxial tensile strength rf  
obtained from testing is sued for FE analysis of all specimens while the Poisson’s ratio is 
taken as 0.25 and 0.15 for the brick and the adobe prisms respectively. 
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Figure 14. Strength model of cracked condition; ANSYS v.9. 

Numerical predictions and comparison with experimental results  

The stress distribution obtained from finite element analysis of the steel plates 
shows a very low normal stress and hence the assumed linear behaviour is justified. 

In Figures 15 and 16, the compressive stress distributions at peak in the loading 
direction of the brick and adobe prisms are shown respectively. This distribution clearly 
evidences the stress flow in the prisms. As is seen, global mechanism types are occurred 
at the top and bottom edges of the brick and adobe prisms.  In brick prism, the stress flow 
is distributed into the core area of the specimen (see Figure 15).  

  

Figure 15. Compressive stress 
distribution in the brick prism. 

Figure 16. Compressive stress 
distribution in the adobe prism. 

Figures 17 and 18 illustrate typical compressive crack propagation under peak load 
for brick and adobe prisms respectively. As shown on Figures 9(b) and 18, good 
correlation between the observed crack pattern for adobe prism from the test specimen 
and the numerical modelling outcome is seen. All cracking are shown with a circle 
outline in the plane of the cracks with different orientations. As the brick prism has 
restrained in the plane strain direction, different crack orientations are observed for this 
specimen in compare with the adobe prism. 
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Figure 17. Compressive crack 
propagation under peak load for 

brick prism. 

Figure 18. Compressive crack 
propagation under peak load for 

adobe prism. 

Comparisons between the numerical predictions of the stress-strain diagrams of 
the brick and adobe prisms and their average experimental counterparts are shown in 
Figures 19 and 20 respectively. As a full post-peak behaviour is difficult to obtain using 
ANSYS, it is decided to concentrate in the peak strength, which is the most relevant issue 
of the present study. A good agreement between the results are observed for the adobe 
prism which indicates that the numerical analysis could be used as a practical tool for 
analysis of adobe structures and design the retrofitting systems for intervention purposes. 
It is clear that the experimental strengths are overestimated by the continuum model (i.e. 
macro-modelling) of brick and adobe prisms. This may is affected by the mortar stiffness 
which could not model in a macro-modelling. However, micro-modelling to units and 
mortar which is composed by solid elements considering material properties obtained 
from testing on the brick units separated by non-linear interface elements for clay and 
gypsum-clay mortars are currently being carried out by the authors to obtain a better 
agreement for strength. 

  

Figure 19. Comparison between the 
numerical predictions of the stress-strain 
diagram of  the brick prism and the test 

result.  

Figure 20. Comparison between the 
numerical predictions of the stress-strain 
diagram of  the adobe prism and the test 

result.  
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CONCLUSION 

Experimental part of this study is carried out in order to obtain the mechanical 
properties of the brick vault and the adobe piers of the Eegbal heritage building.  
Compressive strength of units (brick and adobe), mortars and also brick and the adobe 
prisms are obtained by testing. Brickworks and especially adobe prisms expedited very 
low tensile strength and hence conservation of brick and adobe structures is necessary 
against lateral loads. Numerical modelling of the prisms are carried out in order to 
calibrate the test results and also to show the capability of the macro-modelling as an 
alternative to study on the behaviour of the heritage masonry structures. Comparison 
between numerical predictions and the experimental results demonstrated an acceptable 
agreement. This shows that ANSYS can be used as a tool in order to understand the 
behaviour of masonry structures and to design retrofitting schemes for intervention of the 
masonry structures. However, numerical modelling using ABAQUS is suggested to 
obtain a full post-peak behaviour of these structures. Micro-modelling of the test 
specimens are currently being carried out by the authors to obtain better correlation of 
strength between numerical modelling and the test results. 
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Abstract  
In this paper studies made on strengthening techniques used for shear deficient clay brick 

masonry walls and their economical assessment are presented. There were investigated three 
retrofitting systems such as: the fibre reinforced polymer (FRP) composites, the steel wire mesh 
(SWM) and the reinforced mortar jacketing (RMJ). In the theoretical part of the programme there 
were determined the distribution of the principal stresses and the crack propagation in the wall, 
respectively the probable failure load and the collapse mechanism. In the experimental part, several 
wall specimens have been tested. These were subjected to pure in-plan shear loads up to failure and 
then retrofitted and retested. Performances of the different strengthening configurations were 
compared in terms of ultimate load, strain in the retrofitting system and failure mechanism. The 
impact of materials, manual labour and equipments (tools) on the final retrofitting cost was 
analyzed. Also, the execution time and conditions were taken into consideration. The purpose of the 
economic studies was to determine which of the solutions proves to be more efficient. These could 
be useful in the retrofitting of the heritage structures with masonry walls, improving the load 
bearing capacity of the buildings prior to a seismic event or in restoring the shear capacity of the 
affected walls after an earthquake. 

Keywords: Masonry Walls, Shear Strengthening, Techniques, Retrofitting Systems, 
Economical Assessment 
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INTRODUCTION 

The seismic vulnerability of the masonry buildings was obvious during the major 
seismic events across the world. One of the latest examples was the case of the residential 
buildings from the town Moldova Noua, Romania, which were damaged after the 
earthquake in 2002. A significant number of masonry elements suffered serious damages, 
and the use of an effective retrofit technique was needed to increase the in-plane and out-
of-plane strength and stiffness of the masonry walls. 

The investigated retrofitting systems were the fibre reinforced polymer (FRP) 
composites, the reinforced mortar jacketing (RMJ) and the steel wire meshes (SWM). All 
these strengthening methods were studied in the Department of Civil Engineering of the 
Politehnica University of Timisoara, Romania, the SWM being a part of the international 
project PROHITECH. The objective was to investigate the behaviour of the unreinforced 
clay brick masonry walls subjected to in-plane shear loads strengthened with different 
techniques.  

Although initially the cost of the materials of FRP and SWM solutions is higher 
than the traditional retrofit methods for the masonry walls investigated, such as the RMJ, 
the efficiency and the ease of application can lead to an economic result. 

NUMERICAL ANALYSIS  

In the first stage, it was performed an analytical study with a simplified 
(theoretical) model of the wall. The goal was to conceive a device in which the load 
system creates a pure in-plane shear of the wall, without much influence from the bending 
moment. This system is auto-equilibrant and, theoretically, the crack should form in the 
diagonal direction. The loads applied to the specimen were a constant vertical (V) force 
and an increasing horizontal (H) force. With this set-up a large number of finite element 
analysis (FEA) were performed, by modifying the width to height ratio (d/h) of the 
elements (d/h=1, d/h=1.5 and d/h=2), the quality of the brick and of the mortar, through 
the strength and the modulus of elasticity of the element, the horizontal load-steps, and 
finally by applying a constant vertical force of different magnitudes [1].   

The first analyses were performed with the program BIOGRAF, developed in the 
Department of Civil Engineering from Timisoara, which allows a step by step 
modification in principal stresses and the formation of the cracks, their angles and widths. 
After every step, the program recalculates the stiffness and the modulus of the element. 
For complementary analyses AXIS VM software was used. Taking into account the 
dimensions of the bricks, the studied wall specimen had height to width ratio equal to 
unit, thus the final width of the wall was chosen 150 cm. This aspect ratio also represents 
the masonry wall pier dimensions widely encountered in older brick structures. From the 
analytical models were obtained the distribution of the principal stresses, the crack 
propagation in the wall, the probable failure load and the collapse mechanism.  

Theoretically, the application of the vertical force is not necessary in the case of 
homogenous materials, but the brick wall is composed of clay brick units and mortars, 
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which have different characteristics. Therefore, to prevent a sliding failure mode, a 
vertical force was applied. 

  

Figure 1: Structural model of the 
wall for FEA 

Figure 2: Crack distribution of 
the wall specimen 

 (BIOGRAF) 

  

Figure 3: Discretization of the 
specimen 

   Figure 4: Distributions of principal 
stresses 

 (AXIS VM) 

EXPERIMENTAL TEST SET-UP 

The experimental specimens were 150cm wide and 150cm high, built of from 
solid clay bricks with dimensions 6.3 x 24.0 x 11.5 cm and unit strength 9.0 ÷ 10.0 
N/mm2 and cement based mortar with strength 10 ÷ 16 N/mm2. At the top and at the 
bottom of the wall it was placed a reinforced concrete beam with dimensions 50 x 150 x 
25 cm. 

The walls were tested in a special device, composed of a pair of L-shaped solid 
steel elements attached to the massive reinforced concrete block, which was part of the 
wall at the top and the bottom. The forces have been applied in monotonic way using 
hydraulic jacks. The vertical force was applied on the top of the specimen, acting through 
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the reinforced concrete bond beam. The horizontal (shear) force was applied through a 
series of steel bolts embedded in the reinforced concrete block and mounted on the L-
shaped steel elements at the top as well as at the bottom. In the frame of the project were 
performed also cyclic load tests in the CEMSIG Laboratory of the Department of Steel 
Structure [2] [3]. 

 

Figure 5: The specimen test set-up 

The horizontal deformations of the wall were measured with displacement 
transducers, which were placed along the height of the wall, on the left and the right side. 
Other transducers measured the vertical displacements on each side of the specimen at the 
first and the last mortar bed joints, respectively. 

A part of the masonry specimens were tested in as-built condition up to failure and 
then retrofitted and retested afterwards, another part were strengthened before testing. 
The walls were subjected to a constant vertical force (V) and the monotonic increasing 
horizontal force (H), applied by an increment of 5 kN up to failure, which generated the 
required in-plane shear forces in the specimen. The recorded data were the horizontal 
load, the horizontal and vertical displacement, the strain in the composite and the 
specimens’ failure modes. 

EXPERIMENTAL TESTS ON MASONRY WALLS RETROFITTED 
WITH FRPS 

The FRP composites are one of the most fastest and efficient strengthening 
systems used for retrofit structural masonry elements. In this test series the contribution of 
these materials was studied. First, Unreinforced Masonry (UM) walls were initially tested 
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in the as-built condition. The failure of the walls was brittle through a diagonal crack 
from the top-right to bottom-left corner, as was expected. The load-displacement 
diagrams were typical for unreinforced masonry, the behaviour of the specimens being 
close to linear.  

In the second step all the pre-tested UM specimens were retrofitted with FRPs. 
The composites were applied only on one side because in many situations, the 
modification of the facades is not permitted or it is very expensive to execute. Therefore, 
in these cases only the inside surfaces of the walls are accessible.  

The strengthening procedure was performed in several steps. Primary the cleaning 
of the wall surface with a grinder was done, followed by the blowing off the surface with 
compressed air. Afterwards the cracks were filled with resin or cement mortar and the 
unevenness of the surface were corrected, providing a smooth contact surface for the 
composite. The composite systems were applied with dry or wet fibre application process. 
Using plastic tools all the air-bubbles were dissipated and the excess resin was removed 
from the wall. After the retrofit was completed, the composite system was allowed to cure 
for seven days before testing. 

The test set-up for Retrofitted Masonry (RM) wall specimens was identical as was 
used for the baseline specimen (UM). In addition, strain gages were attached to the 
composite in the maximum stress zones, which were aligned in the direction of the carbon 
fibres.  

In the first set the UM1 wall was subjected to a constant vertical force which was 
V = 200 kN, the failure produced through a diagonal crack from the top-right to bottom-
left corner. The behaviour of specimen was close to linear, typical for unreinforced 
masonry. The appeared crack was filled with epoxy mortar. The failure mode of the 
retrofitted RM1 wall was extensive cracking, followed by composite debonding at the 
cracks. The strain in the composite reached 0.5 %, demonstrating that this retrofit solution 
works really well with clay brick masonry.  

In all the following sets the constant vertical force was increased with 100 kN, 
correlating with the previous case, because the quality of the walls was superior to the 
first element and it was necessary to avoid the sliding in the horizontal bed joint. 

The failure of the UM2 wall was brittle through a diagonal crack, which was filled 
with epoxy mortar before strengthening. The RM3 wall failure was produced through the 
development of a new crack and through its extensive opening. The composite debonded 
just in the crack zone, but it was not broken. The strain in the composite reached 0.15 %, 
demonstrating that the system had high reserves in the moment of the specimen failure.  

The failure of the UM4 specimen was also brittle through a diagonal crack, which 
opened approximately 1.0 cm. Afterwards the crack was filled with cement mortar. The 
RM5 wall failure was produced through the extensive opening of the existing crack, 
simultaneously with the composite debonding in the crack zone, but without its rupture. 
The strain in the composite at failure reached 1.78 %. 

The UM5 failed through a diagonal crack with the maximum horizontal 
displacement just 4 mm. The failure of the RM6 specimen was produced by forming of 
many new cracks (especially in the upper half) and through the extensive opening of the 
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existing one. The composite debonded on large areas, near the crack zone, but it was not 
broken. The strain in the composite reached 0.18 %.   

In the following figures the walls failure details and the obtained load-
displacement (drift in left side) diagrams are presented. Further data could be found in 
[1], [4] and [5].  

  

Figure 6: RM1 retrofitted wall and the load-displacement diagram of UM1 and RM1 

  

Figure 7: RM3 retrofitted wall and the load-displacement diagram of UM2 and RM3 

  

Figure 8: RM5 retrofitted wall and the load-displacement diagram of UM4 and RM5 
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Figure 9: RM6 retrofitted wall and the load-displacement diagram of UM5 and RM6 

EXPERIMENTAL TESTS ON MASONRY WALLS RETROFITTED 
WITH RMJ 

The classical solution for retrofitting a masonry wall is assumed to be the 
Reinforced Mortar Jacketing (RMJ). In the first step of this set an unreinforced masonry 
wall (UM2) was tested in the as-built condition up to failure, serving as reference wall. 
Learned from the first series of experiments the testing frame was slightly modified, 
blocking the vertical displacement of the top beam at the left end of the concrete block. 
The behaviour of the wall was similar to the previous ones, the crack developing from the 
top-right to bottom-left corner, but slightly curved, not in linear way. The load-
displacement behaviour of specimen suffered some modification, the plastic deformations 
increased significantly, becoming more ductile then the specimens tested before (UM1 to 
UM5). 

  

Figure 10: The R2 retrofitted wall and the load-displacement diagram of M2 and R2 

The strengthening was done using steel welded mesh with 4 mm diameter and 100 
mm spacing, applied on both sides.  For fixing and connecting the meshes, a number of 
14 pieces of 6 mm steel bar was mounted and then covered with cement based mortar.  
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The test set-up for Retrofitted (R) wall specimens was identical as was used for the 
baseline test set-up (M). In addition, strain gages were attached to steel in the maximum 
stress zones, in horizontal and vertical direction also. The failure was produced by 
cracking of the wall in the same location as was before, followed by debonding of the 
jacketing in the compressed zones (top-right and bottom-left) and finally by tensional 
failure of several horizontal reinforcement. 

EXPERIMENTAL TESTS ON MASONRY WALLS RETROFITTED 
WITH SWM 

Masonry walls strengthened with SWM system seems to be a promising solution 
in the increasing of the load bearing capacity. In this case the masonry wall specimens 
were strengthened before the testing and then were compared with the reference wall M2, 
tested at the RMJ system.  

The SWM strengthening system used in this series was composed by stainless 
steel bidirectional fabric (wire mesh) applied with an epoxy based mortar. The spacing of 
the mesh was 1.0 mm, while the wire diameter was 0.4 mm.  

The strengthening procedure was similar as the used for FRP systems. Primary the 
wall surface was cleaned and blown with compressed air. The unevenness of the surface 
was corrected, providing a smooth contact face. The wire mesh was cut to the prescribed 
dimensions and then fixed with short nails to the specimen. In the next step the 
application of the resin was done, in this case using metallic tools, up to the complete 
saturation of the mesh. Finally the excess resin was removed and the system was allowed 
to cure for seven days before testing. Prior testing, strain gages were attached to the SWM 
in the maximum stress zones, aligned in horizontal and vertical direction, along the fibres. 
Additionally, for surface strain monitoring an optical measurement technique was used.  

The test set-up for SWM strengthened wall specimens was identical as was used 
for the baseline test set-up (M2).  

  

Figure 11: SWM-M-1 retrofitted wall and the load-displacement diagram of M2 and 
SWM-M-1 
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Figure 12: SWM-M-2 retrofitted wall and the load-displacement diagram of M2 and 
SWM-M-2 

Table 1:  Tested elements and the used strengthening  
Specimens Sets Retrofit System Application Process Retrofit  Direction Covering [%] 
UM1/RM1 1 dry fabric 90 60 / 1 side 
UM2/RM3 2 wet fabric 90 100 / 1 side 
UM4/RM5 3 wet fabric 90 100 / 1 side 
UM5/RM6 2 wet fabric 0 100 / 1 side 
M2/R2 4 jacketing 0/90 100 / 2 sides 
M2/SWM-M-1 5 dry swm 0/90 100 / 1 side 
M2/SWM-M-2 5 dry swm 0/90 100 / 2 sides 
 

Table 2: Characteristics of the strengthening systems  

System Components Tensile Strength 
[N/mm2] 

Tensile Modulus 
[N/mm2] 

Thickness  
[mm] 

Strain at  
Failure 

1 
Carbon Fabric 4000 231000 0.12 0.017 

Resin 30 4500 ≈1.5 0.09 

2 
Carbon Fabric 3500 231000 0.34 0.015 
Resin 45 3500 ≈1.5 - 

3 
Glass Fabric 2600 72400 0.36 0.037 
Resin 45 3500 ≈1.5 - 

4 
Steel fabric 510 210000 4.0 6 
Cement mortar 3 - 20.0 - 

5 
SWM 650 - 0.4 0.40 
Resin 45 3500 ≈4.0 0.09 

 

The SWM-M-1 failure was produced by gradually opening of a diagonal crack, 
yielding and finally tensile broken of the wires. Debonding of the strengthening system 
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was observed just in the close vicinity of the crack. The strain at failure in the SWM 
system reached 0.317 %. 

The failure of the SWM-M-2 was similar with the previous one, by gradually 
opening of a diagonal crack, debonding of the SWM in the compressed zone, yielding and 
then tensile broken of the steel wires. The failure was more sudden at a higher load. The 
strengthening system behaved well, other debondings were not observed, just in the close 
vicinity of the crack. The strain at failure in the SWM system reached 0.072 %. 

CONCLUSIONS 

The research program has been carried out in order to study the capacity increase 
of the pre-cracked (damaged) masonry walls retrofitted with different techniques, which 
are subjected to pure shear forces. 

The theoretical calculus for the un-retrofitted elements was made with two design 
programs using the finite element analysis. The results obtained were the stress 
distribution, the crack pattern and the probable failure load. The strengthening was 
designed to restore the initial capacity of the elements without the modification of the 
stiffness. In the experimental part of the program more than twenty clay brick masonry 
walls were tested. Here were presented some of the results considered by the authors 
more interesting and characteristic.  

Based on the test results, in following are presented the most important 
conclusions and observations.  

1. The correction and the injection mortars had an important role in restoring the 
load bearing capacity. The width of the initial crack is decisive in the evolution of the 
final capacity of the strengthened wall: when tight, the capacity increased significantly 
over the reference value; when wide, the ultimate load capacity was approximately equal 
or lower compared to the baseline values.  

2. A considerable capacity increase was observed for the pre-cracked shear walls 
retrofitted with all systems (practically, the load bearing capacity of the cracked walls was 
negligible). The failure of the retrofitted walls was different in function of the system 
used.  

In the case of FRP strengthened walls the failure was caused by the extensive 
opening of the principal crack followed by FRP debonding and not due to tensile or shear 
failure of the FRP. It is necessary to mention, that the vertically applied composites 
debonded just in the vicinity of the major crack, while those applied horizontally 
debonded in large areas, in the middle part and even on entire wall width. In this case the 
use of anchorages could increase substantially the final capacity of the retrofitted wall. 

In the case of RMJ strengthened walls the failure was caused by cracking of the 
jacketing in tension, followed by debonding of the mortar jacket in the compressed 
corners and finally through tensional failure of some horizontal steel bars of the mesh.  

In the case of SWM strengthened elements the failure was produced by yielding 
and then by rupture of the horizontal and the vertical wires along the diagonal principal 
crack, with small debonding near the crack. 
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3. The maximum horizontal displacements increased at least twice compared with 
the displacements of the reference specimens that demonstrated the increase of the 
ductility and of the energy absorbing capacity of the retrofitted walls. 

4. The most advantageous strengthening system with respect to the increasing of 
load bearing capacity proved to be the SWM system, while the FRP system with the dry 
fibre application process proved to be the fastest application method. The cheapest 
system, considering the material and application costs, and at the same time the most 
efficient system, calculated from the ratio of the execution costs and the reached 
maximum loads, proved to be the RMJ system.  

 

Figure 13: Economical comparison of the strengthening solutions 

Unreinforced masonry walls subjected to shear forces behave in a very brittle way 
and fail with or without warning. By strengthening such a non-ductile structural element 
with the above mentioned techniques the characteristic behaviour became rather ductile 
than elastic. 
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Abstract 
The Canadian heritage masonry structures are mostly made from stones. Exposure to the 

Canadian weather has weakened many of these structures and subsequently the work of 
rehabilitation, without altering the original architectural values, has become a complex task. This 
necessitates the need for a comprehensive research program for masonry compatible heritage 
strengthening techniques with minimal interventions in an existing structure. To achieve this 
objective, a study was carried out at the University of Manitoba to analyze anchor performance in 
heritage stones.  

Both conventional steel anchors and innovative anchors, made from GFRP bars, were tested 
in three types of stone specimens. Before conducting the mechanical tests, stone-anchor assemblies 
were exposed to environmental freeze-thaw to replicate the real structure exposures. Finally, failure 
mechanism of stone-anchor assemblies was analyzed to draw conclusion on anchor performance in 
heritage stones.  

Keywords: Heritage Structure, Masonry Stones, Steel Anchor, GFRP Anchor, Freeze-
Thaw Exposure, Compatibility 
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INTRODUCTION 

In Canada a significant portion of heritage structures are built of stone masonry. 
Techniques adopted for repairing these structures should not be detrimental to the existing 
masonry. One cautionary note is that some of the conventional interventions are not 
applicable in the case of rehabilitating historic stone masonry structures in Canada, as 
they do not comply with the guidelines of Parks Canada (2003), which state that 
“preservation involves protecting, maintaining and stabilizing the existing form, material 
and integrity of a historic place, or of an individual component, while protecting its 
heritage value.” The guidelines also recommended for minimal interventions.  

Historic Canadian stone masonry structures are typically composed of two-wythe 
stone walls. Long-term exposure to harsh Canadian weather may cause these wythes of 
stones to separate. This separation can be prevented by anchoring these layers together, 
either with cross-stones (Tomasevic, 1999) or anchors. If selected, anchoring techniques 
impart less impact on the architectural values of a heritage structure.   

The main objective of this study was to investigate on the conventional and 
innovative anchor performance in heritage masonry stones. This research also focused on 
the environmental compatibility issues between stones and anchoring materials, which are 
not reported here.   

SPECIMENS 

Specimens 

Limestone and sandstone similar to that usually found in the Canadian heritage 
structures were used as specimens. Two types of sandstone, i.e., Ohio and St. Canut, and 
one type of limestone were incorporated. All stone specimens tested were 300 mm x 300 
mm x 150 mm (Figures 1a-1b). 

  

Figure 1a. GFRP and spiral steel anchors in 
stone specimens. 

Figure 1b. Steel anchors in stone 
specimens. 
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Anchors incorporated in this study included both conventional and innovative 
anchors. Conventional anchors were stainless steel threaded bars of both 10 mm and 6 
mm diameter. Spiral steel anchors were also included in the conventional steel anchors. 
On the other hand, innovative anchors made from Glass Fibre Reinforced Polymers 
(GFRP) were incorporated in this research. Two types of commercially available GFRP 
bars were used to determine their suitability as anchoring materials in stones.  

Anchors were installed in stones using grout and epoxy as bonding material. Two 
types of cementitious grout along with one type of epoxy were used as bonding material.   

For each type of stone-anchor combination, there was one control specimen that 
was not exposed to environmental freeze-thaw. Except for the control specimens, all other 
specimens were exposed to environmental freeze-thaw to replicate the environmental 
exposure of a real structure in the Canadian climate. Freeze-thaw cycles were designed 
based on the actual temperature data of the Eastern Canada region. Finished stone-anchor 
specimens are shown in Figures 1a-1b.  

TEST PROGRAM 

Environmental conditioning  

All the conditioned stone specimens were subjected to total 150 freeze-thaw cycles 
in the environmental chamber at the University of Manitoba in three states: slow-
unsaturated, slow-saturated, and rapid-saturated. The first of these three states, i.e., slow-
unsaturated freeze-thaw exposures, consisted of 50 freeze-thaw cycles with the 
temperature changing from -25oC to +40oC in the environmental chamber. Each 
temperature cycle was completed in 24 hours. 

After the slow-unsaturated exposures, all the conditioned specimens were exposed 
to another 50 freeze-thaw cycles in the environmental chamber while the chamber was 
programmed to maintain 100% relative humidity. All conditioned stone-anchor 
assemblies were exposed to temperature cycles similar to those in the slow-unsaturated 
freeze-thaw tests, from -25oC to +40oC. Similar to slow-unsaturated exposures each 
temperature cycle was completed in 24 hours in slow-saturated exposures.  

The last state of environmental conditioning was rapid-saturated freeze-thaw 
exposures under 100% relative humidity conditions in the environmental chamber. The 
environmental chamber was programmed to vary the temperature from +10oC to -25oC 
with each cycle completed in 16 hours.  

Static pullout tests  

Once the conditioned specimens sustained 150 freeze-thaw cycles, all the 
specimens, conditioned and control, were tested for analyzing static pullout behaviour. 
Exposed to environmental loads, anchors might be prone to lose strength. This 
phenomenon was the subject of these tests. Control samples were not exposed to 
environmental loads prior to the pullout tests. The results from the pullout tests were 
analyzed in order to determine which stone-anchor combinations are more likely to lose 
strength when subjected to environmental loading. The failure criteria of stone-anchor 
assemblies were also analyzed in these tests. The test methodologies described in the 
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American Society for Testing and Materials standard ASTM E488-96 and ASTM E1512-
01 (ASTM, 2007) were followed, with some modification, in these tests.   

The static pullout test setup is shown in Figures 2a-2b. An MTS machine of 1000 
kN capacity was used for the tests. Stones were tightly attached to the laboratory strong 
floor by means of threaded bar and steel angles. Threaded steel anchors were gripped to 
the MTS machine using nuts. GFRP anchors were connected with the MTS machine via 
threaded HSS pipes. A similar gripping arrangement was also installed on spiral steel 
anchors.  

  

Figure 2a. Static pullout 
test setup.  

Figure 2b. Stone gripping technique used 
during static pullout tests.  

The rate of loading during the static pullout tests varied for the different stone-
anchor assemblies. Static loads were applied monotonically under displacement control at 
a displacement rate of 1.5 mm per minute for testing the GFRP anchors. For testing steel 
anchors, on the other hand, this rate was 4.00 mm per minute. The higher loading rate 
selected for the steel anchor tests was because these anchors exhibit large deformation 
before failure. These rates have been used by other researchers of ISIS Canada Research 
Network (Mufti & Onofrei, 2004).  

Displacements of anchors and stone movements during pullout tests were 
measured using LVDTs. Two calibrated LVDTs were used for this purpose, one being 
attached to the anchor with a clip at a distance of 45 mm from the anchor, while the other 
LVDT was installed on the stone specimens at a distance of 25.4 mm from the anchors.  

Shear Tests 

Threaded steel bars are sometimes used in unit stone repair. Unit stone repair 
involves repair of cracked stones and Dutchmen repairs (replacement of missing stones or 
stones in poor condition). If the replaced stone is large then it needs to be anchored to the 
parent stones (Wheeler et al. 1997). When there is a small movement in the stone units in 
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a masonry wall, these steel reinforcements sustain shear loads. To measure the shear 
capacity of these pins (6 mm diameter threaded steel bars), shear tests were conducted on 
steel pins installed in Ohio sandstone using mortar.  

The shear test setup is shown in Figures 3a-3b. The test methodologies described 
in the American Society for Testing and Materials standard ASTM E488-96 (ASTM, 
2007) were followed with some modification in preparing this shear test setup. A 152.4 
mm x 508 mm x 6.35 mm plate was welded to a 31.75 mm diameter threaded bar. The 
other end of the threaded bar was connected with nuts which helped to grip the pin in the 
MTS machine during the shear tests.  

  

Figure 3a. Shear test setup (plan view).  Figure 3b. Shear test setup. 

The stone-anchor assemblies were firmly attached to the laboratory strong floor 
using the same procedure as in the static pullout tests. A 6 mm diameter hole was drilled 
in the steel plate through which the steel pin was inserted and tightened by a nut. In order 
to avoid friction between the steel plate and the stone, a polythene sheet was attached on 
the interface. The contact area was 152.4 mm in width and 203.2 mm in height. An 
LVDT was installed on the steel plate to measure the displacement during the shear tests. 
The threaded bar was gripped in the head of the MTS machine and pullout loads with 
displacement control at a rate of 1 mm per minute were applied till failure of a stone-
anchor assemblies.  

RESULTS AND DISCUSSION 

Static pullout test results 

All the stone-anchor assemblies were tested to determine the static pullout 
behaviour and to analyze the failure pattern. Both conditioned and control specimens 
were subjected to the static pullout tests. During these tests the stone specimens were 
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securely attached to the strong floor of the McQuade Structures Laboratory at the 
University of Manitoba. The anchors were then pulled out in quasi-static loading up to 
failure using a 1000 kN capacity MTS machine.  

Ten limestone and GFRP anchor assemblies were tested under static pullout loads. 
Four different combinations of limestone and anchors were tested: GFRP (Brand 1) 
anchor with grout; GFRP (Brand 1) anchor with epoxy; GFRP (Brand 2) anchor with 
grout; and, GFRP (Brand 2) anchor with epoxy. Static pullout test results from these 
specimens are presented in Table 1.  

Table 1. Results from pullout tests on GFRP anchors in limestone specimens. 

Anchor type Adhesive type Category Average maximum load 
(kN) 

GFRP 
(Brand 1) 

Grout 
Conditioned 51.0 
Control 51.8 

Epoxy 
Conditioned 42.4 
Control 65.9 

GFRP 
(Brand 2) 

Grout 
Conditioned 47.6 
Control 55.0 

Epoxy 
Conditioned 39.8 
Control 31.8 

 

The failure load was over 50 kN for both conditioned and control specimens of the 
GFRP (Brand 1) anchor with grout in limestone. GFRP (Brand 2) anchors with grout 
showed similar load-displacement behaviour to that of the GFRP (Brand 1) anchors in 
limestone.  

In the case of the GFRP (Brand 1) anchors installed in limestone using epoxy, the 
ultimate pullout capacities of the conditioned specimens were much lower than that of the 
control specimen. The maximum load sustained by the control specimen was 65.9 kN, 
while the conditioned specimens reached only 53.4 kN and 31.4 kN (in itself, a large 
variation), with an average of 42.4 kN. However, in the case of GFRP (Brand 2) anchors 
installed in limestone using epoxy, the control specimen failed at a lower pullout load 
than the conditioned specimens. The maximum load reached by the control specimen was 
31.8 kN, while the conditioned specimens reached 37.3 kN and 42.3 kN, with an average 
of 39.8 kN. The difference in load-displacement behaviour might be attributed to the 
freeze-thaw damage or to variation in workmanship during anchor installation; it could 
also be due to non-uniform material properties of the natural stones.  

Pullout tests were performed on ten St. Canut-GFRP anchor assemblies. Similar to 
limestone specimens four different stone-anchor combinations were tested in St. Canut 
sandstone specimens. Test results from these specimens are presented in Table 2.  
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Table 2. Results from static pullout tests on GFRP anchors in St. Canut sandstone 
specimens. 

Anchor type Adhesive type Category Average maximum load 
(kN) 

GFRP 
(Brand 1) 

Grout 
Conditioned 31.0 
Control 24.2 

Epoxy 
Conditioned 53.6 
Control 58.5 

GFRP 
(Brand 2) 

Grout 
Conditioned 43.8 
Control 32.8 

Epoxy 
Conditioned 35.5 
Control 38.5 

 

The load-displacement behaviour of GFRP (Brand 2) anchors with grout in St. 
Canut sandstone, shown in Figure 4, reveals that both conditioned specimens sustained 
higher loads than did the control specimen. Both the conditioned and the control 
specimen with GFRP (Brand 2) anchors underwent more than 7 mm of displacement 
before failure.  

 

Figure 4. Load-displacement behaviours of GFRP (Brand 2) anchors installed in St. Canut 
sandstone using grout. 

The average pullout load in the conditioned specimens was 43.8 kN compared to 
32.8 kN in the control sample (Figure 4). Similar results were observed when the GFRP 
(Brand 1) anchors installed in St. Canut sandstone using grout were tested.  Overall, 
conditioned specimens of St. Canut sandstone with GFRP anchors installed using grout 
sustained higher pullout loads. This is in contrast to specimens of limestone with the same 
anchor and grout combination where the reverse was observed: in that case, control 
specimens exhibited higher loads than conditioned specimens. This increase in capacity in 
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St. Canut sandstone, for grouted GFRP anchors in conditioned specimens, might be 
attributed to non-uniform material properties.  

The pullout behaviour of GFRP anchors in Ohio sandstone specimens was also 
examined. Similar to St. Canut sandstone and limestone specimens, four groups of GFRP 
bars and bonding agent with Ohio sandstone were examined. Test results from these 
specimens are presented in Table 3.   

Table 3. Results from static pullout tests on GFRP anchors in Ohio sandstone specimens. 

Anchor type Adhesive type Category Average maximum load 
(kN) 

GFRP 
(Brand 1) 

Grout 
Conditioned 11.8 
Control 14.9 

Epoxy 
Conditioned 39.7 
Control 50.6 

GFRP 
(Brand 2) 

Grout 
Conditioned 20.4 
Control 13.8 

Epoxy 
Conditioned 48.8 
Control 29.6 

 

Of the Ohio sandstone specimens with GFRP (Brand 2) anchors installed with 
grout, the conditioned specimen sustained a higher load than the control specimen. The 
pullout load for the conditioned specimen was 20.4 kN compared to 13.8 kN for the 
control specimen. Freeze-thaw exposure appears to have improved the bonding between 
grout and stone, but the same effect was not observed with GFRP (Brand 1) anchors 
installed in Ohio sandstone with the same grout. In the case of epoxy, the strength gain 
was also not unidirectional.  

Threaded steel anchors installed in stone specimens with epoxy and static pullout 
test results from these combinations are summarized in Table 4. As can be seen in Table 
4, the maximum pullout load for the control specimens was higher than those of the 
conditioned specimens of the similar combinations. Freeze-thaw exposures appeared to 
have lowered the maximum pullout capacity of steel anchors when installed in stones 
using epoxy.  

The pullout behaviour of threaded steel anchors and epoxy combinations in St. 
Canut specimens are shown in Figure 5. The control specimens sustained more 
displacement before failure compared to the conditioned specimens of similar 
combination.  

Overall, steel anchors and epoxy combination showed consistent pullout behavior 
in all stone types.  
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Table 4. Static pullout test results of threaded steel anchors and epoxy combinations in 
stone specimens. 

Anchor type Adhesive 
type Stone type Category Average maximum load 

(kN) 

Threaded 
Steel anchor Epoxy 

Limestone 
Conditioned 27.7 
Control 38.8 

St. Canut 
sandstone 

Conditioned 37.8 
Control 38.0 

Ohio 
sandstone 

Conditioned 36.2 
Control 39.0 

 

 

Figure 5. Load-displacement behaviours of threaded steel anchors installed in St. Canut 
sandstone using epoxy. 

Threaded steel anchors installed with grout in stone specimens were tested to 
analyze the static pullout behaviour. The results are shown in Table 5. Steel anchors with 
grout showed no significant bond with Limestone and St. Canut sandstone specimens. 
Unlike the relatively easy failures with limestone and St. Canut sandstone specimens, 
threaded steel anchors installed in Ohio sandstone using grout exerted some resistance 
against pullout loads. This may be because Ohio sandstone has a soft and sandy surface 
which assisted in creating better bond between the grout and the stones than the surface 
textures of the other types of stone. The limestone and St. Canut sandstone specimens had 
hard and smooth surfaces in the holes made for steel anchor installation. All the 
specimens failed by stone-adhesive bond failure.   

Threaded steel anchors were installed in limestone by drilling the anchors into the 
stones. These anchors do not require any adhesive. The average maximum load of the 
conditioned samples was 13.7 kN and 11.6 kN for the control specimen. Freeze-thaw 
exposure appeared not to affect the maximum pullout capacity of threaded steel anchors 
in limestone. All specimens failed in a similar fashion where the anchor elongated and 
slipped out of the stones.  
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Table 5. Static pullout test results of threaded steel anchors and grout combinations in 
stone specimens. 

Anchor type Adhesive 
type Stone type Category Average maximum load 

(kN) 

Threaded 
Steel anchor Grout 

Limestone 
Conditioned 7.2 
Control 9.7 

St. Canut 
sandstone 

Conditioned 4.4 
Control 4.1 

Ohio 
sandstone 

Conditioned 31.2 
Control 15.2 

 

Static pullout tests failure analysis  

Several types of failure were observed during the static pullout tests on the stone-
anchor assemblies.  These included stone-adhesive bond failure (Bond A), anchor-
adhesive bond failure (Bond B), stone failure, anchor rupture, stone failure accompanied 
with stone-adhesive bond failure, stone failure accompanied with anchor-adhesive bond 
failure, stone failure associated with anchor rupture, and stone failure associated with 
anchor yielding. Stone failures encompass both stone cone failure and splitting of stone 
into pieces. Of the three stone types tested, Ohio sandstone and limestone specimens were 
more brittle than St. Canut sandstone specimens.  Because of this brittle nature, three 
Ohio sandstone specimens and three limestone specimens broke into two pieces during 
the static pullout tests. This type of failure was not observed in St. Canut sandstone 
specimens.  

A summary of the failure types for all anchors, except the spiral steel anchors and 
steel pins, is given Figure 6. The most common failure mode (28%) was stone failure 
associated with anchor-adhesive bond failure.   

A comparison between the mode of failure of GFRP anchors and the mode of 
failure of steel anchors (excluding spiral steel anchors) is shown in Figure 7. In the case 
of steel anchors, while only bond failure is considered, all bond failures were between the 
stone and the adhesives. In contrast, with GFRP anchors, all bond failures were between 
the anchor and the adhesives, when bond failure occurred. This shows that steel anchors 
have better gripping with the adhesive materials but not with the stones. One reason for 
this is that steel anchors were threaded bars and as a result developed a better bond with 
the adhesives.  
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Figure 6. Distribution of failure modes of stone-anchor assemblies during static pullout 
tests. In this figure Bond A is the bond between stone and adhesive, whereas Bond B is 

the bond between anchor and adhesive. 

 

Figure 7. Comparison between the modes of failure with GFRP and steel anchors during 
static pullout tests. 

When GFRP anchors were used, 68% of the failures were due to stone failure. 
However, only 56% of the failures were due to stone failure when steel anchors were 
used. This indicates that GFRP anchors may have a marginally better chance of working 
with stones as a unit than do steel anchors. However, additional testing is required on 
more specimens to verify these findings.  

Shear test results 

Stainless steel pins set in Ohio sandstone with mortar were tested to determine the 
shear capacity. The test procedure is discussed in Figures 3a-3b. Of the four specimens 
tested, three were conditioned specimens and one was a control specimen.   
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The load-displacement behaviour of the four specimens in shear tests is shown in 
Figure 8a. Of the three conditioned specimens, two exhibited larger displacement than the 
control specimen before failure. The other one had similar load-displacement behaviour 
to that of the control specimen.  

  

Figure 8a. Shear test load-displacement 
behaviour. 

Figure 8b. Typical failure pattern in 
shear tests. 

It is not clear from the results whether freeze-thaw had any effect on the shear 
capacity of the steel pins. Specimen #44 was subjected to 150 freeze-thaw cycles and 
failed in shear at a higher load than the control specimen. The other two conditioned 
specimens failed at much lower loads.    

An Ohio sandstone specimen with a steel pin after failure is shown in Figure 8b. 
All four specimens tested for shear capacity failed in a similar way.  

CONCLUSIONS 

Static pullout tests were carried out on both conditioned (specimens that were 
subjected to freeze-thaw) and control stone-anchor assemblies. Six conditioned and four 
control specimens of limestone with GFRP anchors were tested. The maximum average 
pullout capacity of GFRP anchors in limestone was 46.8 kN. All ten specimens sustained 
more than 30.0 kN pullout load before failure. In most cases, the control specimens failed 
at higher loads than the conditioned specimens.  

Three steel anchors with epoxy and two steel anchors with grout in limestone 
specimens were also tested for pullout capacity. Both of the control specimens in these 
cases reached higher pullout loads than the conditioned specimens. The maximum 
average pullout capacity of these combinations in limestone was 31.4 kN, and 8.5 kN, 
respectively. Four spiral steel anchors in limestone were also tested and the maximum 
average pullout capacity of 13.2 kN was observed. Overall, two-thirds of the limestone 
conditioned specimens reached a pullout capacity less than that of the control specimens, 
when compared between similar stone, anchor and adhesive combinations--a reduction in 
pullout capacity that might be attributed to freeze-thaw exposure.   
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Sixteen St. Canut sandstone-anchor specimens were tested to determine their 
pullout capacity. Five of these involved GFRP (Brand 1) anchors, five involved GFRP 
(Brand 2) anchors, three involved steel anchor with epoxy, and three involved steel 
anchors with grout. The maximum average pullout capacity of each group was 39.6 kN, 
38.9 kN, 37.9 kN, and 4.3 kN, respectively. When the maximum pullout capacity of a 
conditioned specimen was compared with corresponding capacity of the control specimen 
with similar combination of stone and anchor, in one-third of the cases, St. Canut 
sandstone conditioned specimens showed a reduction in pullout capacity due to freeze-
thaw exposure.   

Fifteen Ohio sandstone-anchor specimens were tested to determine their pullout 
capacity. Four of these involved GFRP (Brand 1) anchors, four involved GFRP (Brand 2) 
anchors, four involved steel anchors with epoxy, and three involved steel anchors with 
grout. The maximum average capacity of the anchors in these groups was 29.3 kN, 28.2 
kN, 36.9 kN, and 25.8 kN, respectively. Overall, in five out of nine cases, Ohio sandstone 
conditioned specimens showed a reduction in pullout capacity due to freeze-thaw 
exposure, when compared with the corresponding pullout capacity of the control 
specimens with similar stone and anchor combination.  

Static pullout performance of threaded steel anchor installed in stone specimens 
with epoxy showed the most consistent results. Freeze-thaw exposure, however, appeared 
to have reduced the maximum pullout capacity of these anchoring options.   

The modes of failure of the stone-anchor assemblies observed during the static 
pullout tests included, bond failure between stone and adhesive, bond failure between 
anchor and adhesive, stone failure, anchor yielding, and anchor rupture. For many stone-
anchor assemblies, multiple failure modes occurred. GFRP anchors showed marginally 
higher capability to work with the stones as a unit than did steel anchors. However, this 
conclusion should be verified with further research on more specimens.    

Stainless steel pins set in Ohio sandstone using mortar were also tested to 
determine their shear capacity. Three conditioned specimens and one control specimen 
were tested. The shear capacity of these pins varied between 6.0 and 12.0 kN. No 
consistent results were observed in terms of the impact of freeze-thaw exposures on 
stone-anchor assemblies.    

ACKNOWLEDGEMENTS 

The authors would like to thank Public Works and Government Services Canada 
(PWGSC), ISIS Canada Research Network, the University of Calgary, and the University 
of Manitoba for the contributions of these organizations in this research project.  

REFERENCES 

1. American Society for Testing and Materials. (2007). ASTM Standard E488-96: 
Standard Test Method for Strength of Anchors in Concrete and Masonry Elements. 
Philadelphia, PA: American Society for Testing and Materials. 

2. American Society for Testing and Materials. (2007). ASTM Standard E1512-01: 
Standard Test Method for Testing Bond Performance of Bonded Anchors. 



P a g e  | 186  CSHM-3; 11-13 August 2010, Ottawa-Gatineau, CANADA 

Uddin, “Conventional and Innovative Anchor Performance in Heritage Masonry Stones”, 
14/14 

Philadelphia, PA: American Society for Testing and Materials. 
3. Mufti, A., Onofrei, M. (2004). Long-term Performance of GFRP and Steel Anchor 

Assemblies for Markers in Concrete at Veteran Affairs – Brookside Cemetery. 
Technical report submitted to Veterans Affairs Canada by ISIS Canada Research 
Network. 

4. Parks Canada. (2003). Standards and Guidelines for the Conservation of Historic 
Places in Canada. Parks Canada. 

5. Tomazevic, M. (1999). Earthquake-Resistant Design of Masonry Buildings (Vol. 
I). London : Imperial College Press. 

6. Wheeler, G. S., Gale, F., & Kelly, S. J. (1997). Stone Masonry. In W. G. Foulks 
(Ed.), Historic Building Facades: The Manual for Manitance and Rehabilitation 
(pp. 58-60). New York: Preservation Press. 
 
 
 



CSHM-3; 11-13 August 2010, Ottawa-Gatineau, CANADA P a g e  | 187 

Jaeger, “A Suggesteded Guideline for Seismic Evaluation of Existing Unreinforced 
Masonry Buildings in CANADA”, 1/7 

 A Suggesteded Guideline for Seismic Evaluation of Existing 

Unreinforced Masonry Buildings in CANADA 

Leslie Jaeger 
Dalhousie University, Canada 

Aftab Mufti 
University of Manitoba, Canada 

Nigel Shrive and Mohamed Sorour 
University of Calgary, Canada 

Don Duchesne and Jocelyn Paquette 
Public Works and Government Services Canada, Canada 

Abstract 
A new edition of the National Building Code of Canada (NBCC) was introduced in 2005 

(1). This new edition contains earthquake provisions that are significantly more demanding than 
those of earlier versions. The changes are relevant to the evaluation of existing unreinforced 
masonry structures. An existing guideline (2) which had served design engineers and consultants in 
relation to the 1990 edition of NBCC was no longer adequate in relation to the new one. 

Unreinforced masonry buildings as a generic class include many of Canada's heritage 
structures and the need to assess the earthquake performance of such heritage buildings led to a co-
operative study undertaken by Public Works and Government Services Canada (PWGSC) and the 
ISIS Canada Research Network (ISIS). The study involved both analytical and laboratory 
experimental work, the latter aspect being carried out at the Universities of Calgary, Manitoba and 
Alberta. 

The findings of the study have resulted in some suggestions for a guideline for the 
assessment of existing unreinforced masonry buildings under the provisions of the 2005 NBCC and 
are reported in this paper. It is thought that the findings of the study will be of interest in other 
countries as well as Canada. 

In the suggested guideline effective values of Young's Modulus (E) and Shear Modulus (G) 
are proposed for evaluating unreinforced stone masonry and brick masonry buildings. These 
proposed values are "safe side" with respect to the 2005 NBCC provisions, i.e. they are on the high 
end of the possible range of values so that calculated periods of vibration are short and spectral 
accelerations which must be accommodated are high. It should be kept in mind that such 
deliberately high values of E and G are not necessarily conservative in relation to other approaches 
to the assessment of such masonry structures; for example if displacement criteria (rather than force 
criteria) are adopted it would be appropriate to use lower values of E and G. 

Keywords: Heritage Structure, Unreinforced Masonry, Seismic Evaluation, Young’s 
Modulus, Shear Modulus, Damping 
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RESPONSE OF UNREINFORCED MASONRY BUILDINGS TO 
EARTHQUAKE 

It is noted in the literature by Tomazevic (3) that the predominant response of 
masonry buildings to earthquake is the first (i.e. fundamental) mode of vibration and that 
the shape of this first vibration mode is typically that of shear. Tomazevic also notes that 
in masonry buildings it is the lowermost storey that is usually the most prone to damage, 
and that this behaviour has been observed both by post-earthquake observations and by 
experiments. This is in marked contrast with the usual assumption, that the first mode of 
vibration is associated with bending, not shear, and that it is the uppermost storey, not the 
lowest, that is usually the most prone to damage. 

DETERMINATION OF THE MODULI OF ELASTICITY OF MASONRY 
IN FLEXURE 

There are several ways in which the behaviour of unreinforced masonry structural 
elements departs from that of classical homogenous elasticity. These include: 
(a) For both brick- and stone-masonry, the effective Young’s Modulus (E) is much 

smaller in flexure than it is in axial compression. 
(b) the moduli, E and G, of brick-masonry are different from  stone-masonry both for 

flexural effects and for axial compressive effects; it is very important to determine 
the values of E and G for each of them separately. 

(c) the ratio of G to E is much smaller for masonry than it is for steel or reinforced 
concrete, this being one of the key causes of the “shear-type” mode referred to 
above. 

(d) it is important to distinguish between cracked and uncracked values of E and G in 
coming to a conservative estimate of their values for earthquake response 
purposes. 
In an overall sense, there is a “disconnect” between E and G in unreinforced 

masonry and in particular a relationship between the two based upon Poisson’s Ratio is 
not applicable. The effective value of G in unreinforced masonry is associated with 
incipient sliding and diagonal cracking patterns through mortar of the kind shown in 
Figure 1. Thus it is the mortar, and the bond strength between mortar and unit, which 
dominate shear behaviour. In the dynamic in-plane shear tests at Calgary, stones were 
observed to “rock” in the mortar bed, particularly as the mortar crumbled at the mortar-
unit interface. Heritage buildings were typically constructed with lime mortar, and even if 
the building has subsequently been repointed with a stronger, cement-containing mortar, 
behaviour will still be dominated by the majority mortar through the width of the wall – 
the original lime mortar. It is therefore important to monitor such buildings to get a sense 
of both the current properties of the masonry and any deterioration over time. 
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Figure 1a: Sliding Shear. Figure 1b: Diagonal Shear. 

Tomazevic (3) gives the values for existing masonry shown in Table 1. It is very 
important to realise that many of these values for E are in axial compression; indeed 
Tomasevic describes the “flat jack” method of determining E, which is based upon axial 
compression. 

Table 1: Masonry properties (literature).  

Property Stone Masonry Brick Masonry 
Modulus of Elasticity (E) (MPa) 200 - 1000 1500 - 3800 
Shear Modulus (G) (MPa) 70 - 90 60 - 165 

 

In an extensive program of experimental work carried out at the University of 
Calgary great care was taken to build stone-masonry walls that were very close to the 
original condition of the walls of the West Block Parliament Buildings in Ottawa, 
Canada. For these (uncracked) structural elements the preliminary values of E and G for 
small deflections in flexure were found to be close to 800 MPa and 160 MPa respectively, 
as reported elsewhere by Shrive et al. (4). 

It is well established that progressive cracking through the mortar (and sometimes 
also through the brick or stone) occurs when an unreinforced masonry building is 
subjected to an earthquake of more than a certain threshold intensity. This progressive 
cracking is accompanied by progressive reduction in the effective elastic moduli E and G. 
Opinions differ as to the amount of this reduction; in one approximation the uncracked 
value of E for both brick-masonry and stone-masonry is taken as 3000 MPa, and the 
cracked value as 750 MPa. However this very large reduction, by a factor of four, is 
probably going from an “axial compression uncracked” value of E to an “effective 
flexural cracked” value. Taking account of the markedly non-linear relationship between 

P 
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moment and curvature, and using a secant modulus concept, a safer approach is 
postulated to be to make a safe side estimate of the “flexural uncracked” value of E and 
then to apply a modest 25% reduction to get the effective cracked one. On that basis and 
using the data from Tomazevic and Shrive et al., the following conservative values of E 
and G are derived. 

Modulus of Elasticity of Stone-masonry 

The highest E value quoted by Tomazevic is 1000 MPa. Being very conservative 
one accepts this as an upper bound for “flexural E”. On applying a 25% reduction, we 
obtain 750 MPa, which is about 6% below the uncracked value given by Shrive et al. for 
very small deflections. It is therefore postulated that this figure of 750 MPa is a safe-side 
estimate of the effective E for earthquake performance. The very safe nature of this figure 
is further demonstrated by Shrive et al. who find effective values in the range of 250 to 
300 MPa for larger deflections. 

Shear Modulus of Stone-masonry 

In the work by Shrive et al. the scatter of values for G has an upper limit of about 
200 MPa.  If we apply a 25% reduction to this figure we obtain 150 MPa, which is well 
above anything given by Tomazevic. It is therefore postulated that this figure of 150 MPa 
is a safe-side estimate of the effective G for earthquake performance. 

Modulus of Elasticity of Brick-masonry 

The estimation of effective E for brick-masonry in flexure is the subject of a still-
ongoing investigation. Accordingly, the value being postulated below should be regarded 
as tentative and subject to change. In axial compression brick-masonry tends to have a 
higher value of E than stone-masonry. As noted in Table 1, values up to 3800 MPa have 
been measured. 

In unpublished work at the University of Calgary, the “axial compression” value 
of E for stone-masonry is found to be as high as 2000 MPa. If it is assumed that the ratio 
of E between brick-masonry and stone-masonry is the same for flexure as it is in axial 
compression, the resulting estimated effective E for brick-masonry in flexure is 1450 
MPa. 

Shear Modulus of Brick-masonry 

It is postulated that the values of G for stone-masonry and brick-masonry will be 
fairly close to one another since both values are associated with incipient sliding and 
diagonal cracking patterns through mortar of the kind shown in Figure 1. The figure of 
150 MPa given in Section 3.2 above for stone-masonry is only 9% below the highest 
figure given by Tomazevic for brick-masonry and is therefore postulated as a safe-side 
estimate. 

Accordingly, the values of E and G given in Table 2 are recommended to be used 
in frequency calculations. 
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Table 2: Masonry properties (recommended).  

Property Stone Masonry Brick Masonry 
Modulus of Elasticity (E) (MPa) 750 1450 
Shear Modulus (G) (MPa) 150 150 

 

DOMINANCE OF SHEAR BEHAVIOUR IN FREQUENCY ANALYSIS 

Paquette (5) recently determined the fundamental frequency of vibration of the 
West Block Parliament Buildings in Ottawa, Ontario, Canada using a lumped mass-spring 
model. Two different assumptions were considered: 
(a)  that for all walls  E = 750 MPa and G = 150 MPa 
(b)   that for all walls  E = 1450 MPa and G = 150 MPa 

In his analysis Paquette used a simplified "stick model" representation of the West 
Block Parliament Buildings and found that the periods of vibration were 0.991 seconds 
and 0.983 seconds respectively. 

Notwithstanding the simplicity of the stick model representation this is a very 
important finding. It indicates that a 93% increase in the value of E is accompanied by a 
change of less than 1% in the period of vibration, thus confirming the dominance of shear 
behaviour. It also indicates that if values of E different from those given in Table 2 are 
used, the effect on frequency will be small. 

LEVEL OF DAMPING TO BE USED IN DYNAMIC ANALYSIS 

Clearly, the estimation of damping of unreinforced masonry buildings calls for 
engineering judgment and a conservative approach. By contrast with modern steel and 
reinforced concrete structures, in which the damping is related to velocity, the damping in 
masonry buildings is associated also with progressive cracking and the absorption of 
energy within the structure itself. It is important to realize also that the reduction in elastic 
moduli referred to above is accompanied automatically by an increase in the level of 
damping, as compared to the uncracked behaviour. 

Given that damping in reinforced concrete structures is usually taken to be around 
5% of critical it is postulated that damping of 7% of critical may be used as a 
conservative figure in assessing the dynamic response of an unreinforced masonry 
building to earthquake. The use of any higher figure should be based only on well-
documented behaviour of directly comparable buildings.  

FUNDAMENTAL PERIOD OF VIBRATION - EMPIRICAL 
EXPRESSIONS 

In NBCC 2005, an empirical expression is given for the fundamental period of 
vibration of a shear wall building. This empirical expression, given in Clause 
4.1.8.11.3(c) is: 
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( )
3
40 05a nT . h=  (1) 

where hn is the height of the building in metres. 
If typical unreinforced masonry buildings have their periods of vibration estimated 

using the moduli of elasticity given in Table 2, it may be checked that this empirical value 
may be increased by 40% for both brick and stone-masonry so that one obtains  

( )
3
40 07a nT . h=  (2) 

for both brick masonry and stone-masonry. 

FUNDAMENTAL PERIOD OF VIBRATION BY DYNAMIC ANALYSIS 

 In NBCC 2005 it is encouraged that the fundamental period of vibration be 
determined by dynamic analysis rather than by using the empirical expression given 
above. The use of dynamic analysis will usually give periods of vibration that are longer 
than the empirical ones, with consequent benefit to the level of spectral acceleration that 
must be accommodated. NBCC also stipulates that the period of vibration shall not 
exceed twice that given by the empirical expression. 

Following this same line of reasoning it is suggested that for unreinforced masonry 
buildings the fundamental period of vibration should be determined using the moduli of 
elasticity given in Table 2 and that the resulting period should not exceed: 

( )
3
40 10a nT . h=  (3) 

FORCE LEVEL FOR ANALYSIS 

Continuing an approach that has been generally accepted in the past, this 
suggested guideline is based on the concept that an existing building should be 
substantially below the current level for new construction before triggering the 
requirement for seismic upgrade. 

The guideline adopts a reduction factor of 0.6 applied to the seismic loading 
criteria of NBCC 2005 as the trigger for seismic upgrading of any deficiency. This is a 
continuation of existing practice. 

SUMMARY OF THE SUGGESTED GUIDELINES 

The guideline suggests that unreinforced masonry buildings should be assessed 
under the NBCC 2005 with the following changes: 
(a) when using the empirical method of obtaining fundamental period of vibration the 

formula used should be 0.07(hn)¾ for both brick masonry and stone masonry.  
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(b) when using dynamic analysis for the fundamental period of vibration the moduli of 
elasticity used should be those given in Table 2 above and the resulting period of 
vibration should be taken as not greater than 0.10(hn)¾. 

(c) a level of damping of 7% of critical may be used; any higher level should be based 
only on well-documented behaviour of directly comparable buildings. 

(d) a reduction factor of 0.6 should be applied to the seismic loading criteria of NBCC 
2005 as the trigger for seismic upgrading of any deficiency. 
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Abstract 
The need to preserve and protect the brick-made historical structures has seen the 

emergence of researches directed toward the analytical modeling of fracture in masonry. 
The fracturing mechanism in masonry is a complex phenomenon as two brittle materials 

with very different material properties, the brick unit and the mortar joints are involved. The 
mechanical behavior of a brick-work unit is strongly affected by the behavior of mortar joints. 
Mortar joints are the planes of weakness in masonry units and therefore, they affect the fracture 
pattern of the brick-work unit and also changing the location of the mortar  joints causes the 
different load bearing and different types of crack pattern in brick-work setting panels. Accordingly, 
the analysis of historical buildings, aimed at structure assessment and restoration, demands an 
adequate understanding of the mechanical behavior of these different types of brick-work setting 
and accurate data consist of elastic and inelastic parameters. This paper presents the results of 
numerical modeling of a common type of brick-work setting with different mortar joints locations, 
existed in Iran’s brick-built monuments. For each brick-work setting, the linear failure envelope 
which shows the manner of masonry in low normal stress is computed. Using the elastic-plastic 
parameters for different parts of the model, the behaviors of different brick-work setting 
constructions subjected to the semi-static loads, are evaluated. 
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INTRODUCTION  

There are many masonry structures throughout Iran that have been built in the past 
centuries with lack of capabilities to resist their gravity loads as well as environmental 
loadings exerted by some phenomena such as unequal ground settlements. The 
observations have shown that partly body twisting resulted from settlements could induce 
destructive long-term loads into structures. These structures have shown different 
responses to the above loading depending on the brickwork used in their construction. 
The usual brickwork which has been used with different joint mortar locations is called 
“Roman style” (Fig. 1). This style has been used in Iran’s old architecture and is referred 
to Orom, name of a region at west of Iran (not to old Rome). The most ancient usage in 
Iran refers to a well-known construction, Choghazanbil temple, many times before 
Romans used.  

This paper presents the response of this usual brickwork setting when carrying 
lateral and vertical loads, inducing tension and shear stresses combined with compression. 
Masonry is a composite material that consists of brick and mortar. Besides the geometry, 
axial loading and material properties which play a principle role in the response of 
masonry in the failure mechanism, the arrangement of bricks and the location and 
orientations of mortar joints would have the same role from the view point of importance. 
Fracture of masonry walls under shear and compression is intricate due to the brittle 
behavior of the components. Distinction between mechanical characteristics of bricks and 
joints causes complex interaction of shear failure along the mortar joints and also 
compression failure often at the toe of the wall.  

  
(a) (b) 

Figure 1. Roman style brickwork with different mortar joint locations  

Generally, numerical modeling of masonry can be utilized employing three 
different approaches classified as Detailed Micro Modeling, Simplified Micro Modeling 
and Macro Modeling. Those philosophy algorithms can be implemented in most of 
numerical techniques depending on the size of masonry system. To model large masonry 
structures, a homogenized material is to be considered taking into account the effect of 
mortar joints in an average sense to substitute the masonry composite. As a macro 
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modeling approach, over last three decades, the finite elements method has been used to 
represent the behavior of masonry, employing homogenized materials with orthotropic 
properties [1,2]. In 1998, Lourenco and Rots introduced a novel yield criterion that 
includes different strengths along different material axes. The model is capable to follow 
the inelastic behavior of a specific type of brickwork for all stress states including a Hill-
type yield criterion for compression and a Rankine-type yield criterion for tension [2].  

Discontinuum finite element method can be referred as a sample of Detailed Micro 
Modeling or Simplified Micro Modeling approaches in which, masonry is modeled using 
a finite element methodology where the mortar joints and the masonry units are treated 
with interface elements and smeared crack elements, respectively. Till now many 
interface models are suggested to simulate the fracture of masonry structures. In 1994, 
Lotfi and Shing introduced a dilatant interface constitutive model capable of simulating 
the initiation and propagation of interface fracture under combined normal and shear 
stresses in both tension-shear and compression-shear regions[3]. The model was found to 
promptly simulate the experimentally observed dilatancy of the mortar. Lourenco and 
Rots [4] formulated a multi surface interface for analysis of masonry structures in the 
spirit of softening plasticity for tension, shear and compression, with consistent treatment 
of intersections defined by these modes. In their research, brick units were modeled as 
continuum elements having elastic material properties, while zero-thickness interface 
elements were used to model the brick-mortar interfaces. The multi-surface yield criterion 
having tension cutoff, linear Mohr-Coulomb and ellipsoid compressive cap modes was 
taken to model the brick-mortar interface plastic behavior, while the bricks were assumed 
to be in the elastic behavior having simple tension cut-off mode to model inside brick 
cracks. The developed model was used to analyze masonry shear-walls and was capable 
to predict the masonry behavior and the collapse load, accurately. The model was used 
later to study the behavior of dry joint masonry shear walls [5]. Lourenco’s results have 
been used for the sake of comparison and verifying these research modelings [5]. 

Various researches on masonry behavior have been reported using Discrete 
Element method [6,7,8,9,10,11]. These studies showed that although the continuum-based 
methods mentioned briefly above can give satisfactory results, however, the accurate 
masonry behavior can be hardly studied by the conventional methods of continuum 
mechanics as these methods fail to predict the collapse mechanism. Although some finite 
element and finite-difference programs include interface elements that allow the user to 
incorporate a few discontinuities, most of them fail when a large number of 
discontinuities are encountered or when the displacements along the discontinuities 
become too large [12]. Therefore, for the better simulation, Distinct Elements method is 
being employed to study the masonry behavior. 

DISCRETE ELEMENTS METHOD 

Discrete Elements methods were initially developed for the study of jointed rock 
masses in 1971 by Cundall [13]. Due to their capability to explicitly represent the motion 
of multiple, intersecting discontinuities, these methods are particularly suitable for the 
analysis of the masonry structures in which a significant part of the deformation is due to 
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relative motion between the blocks. All analyses in this study were performed using the 
special discrete/distinct element software 3DEC (Itasca, 2002) which is a three-
dimensional numerical program based on the Distinct Elements Method for discontinuum 
modeling. This program simulates the response of discontinuous media subjected to either 
static or dynamic loading. The discontinuous medium is represented as an assemblage of 
discrete blocks. The discontinuities are treated on boundary conditions between blocks; 
large displacements along discontinuities and rotations of blocks are also allowed. In 
other words, the joints are taken as interfaces between distinct bodies. Blocks can have 
either rigid or deformable behavior. Deformable blocks are meshed by finite-difference 
triangular elements having linear or nonlinear stress–strain law. The formulation of these 
elements is similar to the constant strain triangle (CST) finite element formulation. In 
order to model the mechanical interaction between blocks, it is assumed that the blocks 
are connected by normal and shear elastic springs.  

The relative motion of the discontinuities is also governed by linear or nonlinear 
force–displacement relations for movement in both normal and transverse directions. The 
formulation used in the program permits both geometric and physical nonlinearities of the 
intact material to be modeled. 3DEC has several built-in material behavior models, to be 
used for both intact blocks and the discontinuities in which the simulation of 
discontinuous materials’ response can be performed. The program is based on a 
“Lagrangian” calculation scheme well-suited to model the large movements and 
deformations of a blocky system. In this program, the explicit solution procedure is used, 
in which, the equations of motion of blocks are built for each time increment. The 
calculations performed in the discrete element method alternate between the application 
of a force–displacement law at all contacts and Newton’s second law at all blocks or 
nodes [12]. The force–displacement law is used to find contact forces from known 
displacements. Newton’s second law gives the motion of the blocks resulting from the 
known acting forces. Mechanical damping is used in the DEM to solve both static and 
dynamic solutions. For each kind of analysis, a different type of damping should be used. 
For static analysis, an approach similar to dynamic relaxation technique is employed. In 
this technique, the equations of motion are damped to reach the equilibrium state as soon 
as possible. It can be considered that Distinct Element method is a suitable numerical 
method for modeling masonry. The accuracy of this method and the simulation used in 
this study, is verified by experimental and some numerical modeling in the next section. 

VERIFICATION 

In order to appraise the validity of modeling, the accuracy of the method used in 
this research was verified by the authors [14] with the experimental research carried out at 
the structural Technology Laboratory of Technical University of Catalonia, Barcelona, in 
cooperation with University of Minho, concerning the structural behavior of dry joint 
masonry stone walls as shown in Fig. 2 [5]. In their research, the load bearing behavior of 
seven walls under different normal stress levels were studied. A numerical simulation of 
the tested stone walls was also carried out in the reference experimental research [5]. 
Some numerical analyses were performed using the multi-surface interface model 
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proposed by Lourenco and Rots [4]. In numerical analysis it was assumed that the model 
is fully based on plasticity theory assuming stone units behave in an elastic fashion 
whereas inelastic behavior is concentrate in the joints. 

 

Figure 2.  Dry stone masonry wall and schematic loading arrangement 

DEM MODELING OF BRICKWORK SETTINGS  

Material properties of brickwork  panels 

Since the possibility of performing destructive tests on historical buildings, is 
usually impossible, in most of researches, the materials properties are selected based on 
laboratory tests. Therefore, careful attention should be paid to promptly evaluate the 
materials properties in order to reflect the existing buildings materials. In order to study 
the load bearing behavior of brickworks, in-plain test simulations were adopted that 
would be expatiated later. The panels are modeled using the mechanical properties of a 
common brick named in Iran as “Compression brick” used commonly in constructions of 
buildings in Iran, having similar properties to the ancient bricks in old buildings. Since 
the weathering and deterioration are not counted, results could not represent the real 
behavior of these brickworks, so this study concentrates on the effect of mortar bonds in 
load bearing of brickworks as well as performing some sensitivity analysis on brickworks 
behavior to the arrangements of bricks. 

Elastic and inelastic parameters are derived from experiments carried out at 
Structural Laboratory of the Building and Housing Research center, Tehran [15]. Table 3 
summarizes the experiments results on brick units, mortar and stack bond prisms. These 
results are used for the parameters needed for modeling using DEM.   
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Table 3: Experimental test’s results  

 Compression 
Strength (MPa) 

Tension 
Strength (MPa) 

Modulus of 
Elasticity, E 

(MPa) 

Cohesion,c 
(MPa) 

Friction 
angle,φ 

Brick 14.22 0.54 3555 ------- ------- 
Mortar 4.73 0.236 ------- ------- ------- 
Masonry 
Prism 8.47 0.338 1070 0.213 38.27° 

 

Model description 

The described discrete element method is employed here to study the nonlinear 
lateral load behavior of different brickwork settings. The blocks are considered fully 
deformable, allowing deformation to be occurred both in blocks and joints to reach a 
better simulation of crack propagation and sliding in the joints. A simplified micro-
modeling approach is proposed here to model masonry. This implies that the mortar joint 
is modeled as an interface with zero thickness, in analogy with the discontinuum finite 
element modeling [16]. The usage of simplified micro-modeling approach leads to use the 
expanded brick units with mortar thickness in two directions, remaining geometry 
unchanged. Elastic properties of expanded brick units and discontinuities must be 
determined correctly. According to the relative thickness of mortar and brick units, 
usually the elastic properties of units remain unchanged. DEM modeling requires two 
stiffnesses for discontinuities, localizing in mortar joints, concerning both mortar and 
brick-mortar interface stiffnesses due to simplified micro-modeling approach (interface 
element with zero thickness). Since experiments on brick–mortar interfaces are costly, 
these parameters were derived from other experimental results and using solid mechanics 
equations (Eq. (1)). The normal joint stiffness kn,joint can be easily calculated considering 
the wall as a series of two vertical springs, one representing the brick unit and the other 
one representing the joint. In the absence of more information, the tangential stiffness 
ks,joint can be calculated directly from the normal stiffness, assuming that the theory of 
elasticity is directly applicable. 

𝑘𝑛,𝑗𝑜𝑖𝑛𝑡 = 𝐸𝑤𝐸𝑏
(ℎ𝑚+ℎ𝑏)×(𝐸𝑏−𝐸𝑤) (1) 

𝑘𝑠,𝑗𝑜𝑖𝑛𝑡 = 𝑘𝑛,𝑗𝑜𝑖𝑛𝑡

2(1+ν)   

In which Eb and Ew the Young’s modulus of brick unit and the masonry prisms 
based on the experimental results, hm and hb are actual thickness of mortar and brick units 
respectively; and ν is Poison’s ratio of brickwork assumed equal to 0.2 ( based on 
previous experimental results and modeling). The accuracy of this methodology has been 
verified by Lourenco using some detailed discontinuum finite element analyses [16]. 
Value of Poison’s ratio of bricks is either assumed based on previous carried out 



CSHM-3; 11-13 August 2010, Ottawa-Gatineau, CANADA P a g e  | 201 

Halabian, “Non-Linear Behavior of Masonry Walls with Different Iranian Roman Brick-
Work Settings”, 7/13 

experiments [15]. 3DEC has some built-in constitutive models for materials and 
discontinuities. The constitutive model accepted for brick units is linear Mohr-Coulomb 
with tension cut-off and for the joints is the coulomb slip model based on coulomb slip 
with tension cut-off. For the shear behavior of brick, the value of cohesion (c) is derived 
from Eq. (2) that can be easily calculated from the Mohr-coulomb failure surface and also 
the available experimental results: 

𝑐 = 𝑓𝑏
′

2
�1−𝑠𝑖𝑛𝜙

𝑐𝑜𝑠𝜙
� (2) 

where 𝑓𝑏′ is the brick compression strength in the uniaxial test. Dilatation angel of 
brick unit is assumed equal to zero [16]. Calculated elastic and inelastic properties of 
brick units and the discontinuities are given in Tables 4 and 5. 

Table 4: Elastic parameters of brick unit and discontinuities  

Brick     Joint    

E (MPa) ν kn  (N/mm3) ks  (N/mm3) 
3555  0.3 25.512  10.63  

 
The panel models are assumed to be 1000 mm long by 1000 mm high made of 

200×200×400 mm3 compression bricks and weak mortar with cement-sand in the ratio 
1:6.  

Table 5: Inelastic parameters of brick unit and discontinuities  

Brick    Joint    

Tension  Shear   Tension Shear   
ft (MPa) c (MPa) tanφ tanΨ  f t (MPa) c (MPa) tanφ tanΨ 
0.54 4.105 0.573 0.0 0.338 0.213 0.74 0.08 

 
The thickness of mortar assumed to be equal to 10 mm which is neglected in the 

models as mentioned before (Fig. 3). Each panel is subjected to a combined vertical and 
horizontal loading. To simulate the test by DEM formulation, a two-stage analysis is 
carried out. Initially, a vertical compressive load is applied monotonically on top of the 
panel. The equilibrium under monotonic normal stress is achieved by monitoring the 
unbalance forces. In the second stage, the incremental horizontal load is applied at the top 
left corner of a beam on top of the panel. The loading continued to the level in which 
inside fracture happened. The usual experimental conditions of such tests are considered 
The concrete beam is allowed to move in vertical and horizontal directions preventing 
any rotational movement. High strength interface properties were defined for the contact 
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surface of beam and neighboring brick course, aimed of preventing any fracture in this 
level through the loading process. It is noted that applying the vertical load, the tangential 
stiffness was set to zero in order to prevent any confining at the top of panel which causes 
more strength in the load bearing of the panel. 

 
Figure 3. Adopted geometry for brickwork and schematic loading arrangement 

FORCE-DISPLACEMENT DIAGRAMS AND THE OBSERVED 
DAMAGE FOR COMBINED VERTICAL AND HORIZONTAL 
LOADING 

To compare the lateral load bearing capacity of different brickwork panels used in 
this study, the models were subjected to the same levels of vertical compressive stresses. 
The horizontal applied forces were plotted versus the average horizontal displacement at 
the grid points of the top beam (Figs. 4). It can be noted that depending on the level of 
compressive stress, some limited elastic behavior extended by plastic deformation can be 
observed for different types of brickworks.  

The failure and crack patterns of brickwork panels are shown in Figs. 5 and 6 for 
two levels of normal stress. The failure situation of brick units is shown using three 
symbols: 3, □ and ◊ indicating “current tensile failure”, “shear failure” and “previous 
tensile failure”, respectively. “Current tensile failure” illustrates the actively yielding 
elements which detect the failure mechanism. As seen in Fig. 5, in Roman style for 
mortar joint locations up to ½ of the brick dimension, distinct stepped diagonal cracks are 
found accompanied by partially micro fissures in bricks under lower level of normal 
stresses. For higher vertical loads (Fig. 6), cracking in brick units started to become 
noticeable in all over the panel, specially as the mortar joint location goes beyond ½ of 
the brick length (as “Current failure” indicators show), and diagonal cracking band 
developed along the joints and through brick units instead. 
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S= 1/4bu S= 1/3bu 

  
S= 1/2bu S= 2/3bu 

  

S= 3/4bu  

Figure 4. Force-displacement diagrams for different vertical mortar joint locations at 
different normal stresses 

For the purpose of evaluating the in-plain behavior of brick-works with different 
overlap ratio subjected to compressive and shear loading, the variation of the ultimate 
average shear stresses in different normal stress levels is shown in Fig. 7.  
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S= 1/4bu, lateral displacement= 4.5 mm  S= 1/4bu, lateral displacement= 30 mm 

  
S= 1/3bu , lateral displacement= 6 mm S= 1/4bu, lateral displacement= 28 mm 

  
S= 1/2bu, lateral displacement= 5.3 mm S= 1/2bu, lateral displacement= 25 mm 

  
S= 2/3bu, lateral displacement= 7 mm S= 2/3bu, lateral displacement= 30 mm 

  
S= 3/4bu, lateral displacement= 3.5 mm S= 3/4bu, lateral displacement= 30 mm 

Figure 5. Crack propagation patterns under lateral load for normal stress equal to 0.5 MPa 
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S= 1/4bu, lateral displacement= 4.5 mm  S= 1/4bu, lateral displacement= 30 mm 

  
S= 1/3bu , lateral displacement= 6 mm S= 1/4bu, lateral displacement= 28 mm 

  
S= 1/2bu, lateral displacement= 6 mm S= 1/2bu, lateral displacement= 30 mm 

  
S= 2/3bu, lateral displacement= 6 mm S= 2/3bu, lateral displacement= 30 mm 

  
S= 3/4bu, lateral displacement= 6 mm S= 1/4bu, lateral displacement= 30 mm 

Figure 6. Crack propagation patterns under lateral load for normal stress equal to 2.5 MPa 
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Figure 7. Relation between normal and tangential stresses – linear least square regressions 
for different mortar joints locations 

CONCLUSION 

DEM modeling enabled a detailed simulation of the mechanical response of 
different brickwork patterns, throughout the load process leading to failure. The failure of 
un-reinforced masonry structures subjected to lateral load is dominated, to a large extent, 
by the fracture of mortar joints, which can be accompanied by cracking of masonry units. 
Since the fracture of mortar joints usually dominate, different types of behavior are 
observed that must be considered in macro-modeling. For each brickwork setting, the 
linear failure envelope which shows the manner of masonry in low normal stress is 
computed. Considering the crack patterns of brick-works with different overlap ratio and 
also comparison between 5 linear least square regressions computed for seven levels of 
normal stress, it can be observed that the lower overlap ratio leads the transition of elastic 
region to perfect plastic region to be shorter than higher one. Moreover, the fracture 
phenomena take the ductile type in higher ratios, and vice versa. Also, based on the 
overlap ratio definition presented in this study, one can conclude that the more overlap 
ratio provides the more shear load bearing capacity. Comparison the Figs. 6 and 7, 
verifies the previous presented point, that means the pattern of cracking in lower over lap 
ratio forms of connecting of several distinct adjacent vertical and horizontal cracks in 
mortar joints, while in higher over lap ratios, the cracking observed in an arbitrary and 
separated form. Different researches have done using 3DEC in comparison with 
experimental results or other numerical calculations showing DEM as an alternative to the 
traditional finite element to simulate the nonlinear behavior of masonry. 
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Abstract. 
The dynamic and earthquake response of Post-Byzantine stone masonry churches, which 

were subjected to a damaging earthquake sequence in the region of Western Macedonia in Greece, 
is studied. The roof system of the first two churches combines masonry cylindrical vaults and 
spherical domes with arches and pendatives that support a wooden roof. Apart from these two old 
churches, the behavior of another much older church, which represents a much simpler orthogonal 
structural formation, is also examined. This is a two-story church with a simple orthogonal vault 
and a wooden roof that belongs to an 11th century monastic-complex. This later church is studied 
together with the introduction of a base isolation system. The performance of each of these three 
distinct structures is studied under the combination of the gravitational and seismic forces; the latter 
are applied either through their spectral definition or by an assumed time-history. The predicted 
performance of the various structural elements, located at the peripheral masonry walls or at the 
masonry vaulting system, is then checked by applying an assumed Mohr-Coulomb failure envelope 
that is believed to represent the limit-state stone-masonry behaviour. The seismic damage, due to a 
relatively recent strong earthquake sequence,  is utilized to validate the realism of the numerical 
predictions. 
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INTRODUCTION 

During the last thirty years various parts of Greece have been subjected to a 
number of damaging earthquakes ranging from Ms=5.2 to Ms=7.2 on the Richter scale. 
One of the most demanding tasks for counteracting the consequences of all these seismic 
events was the effort to ensure the structural integrity of old churches, that were built in 
periods ranging from 400 A.D. up to today; in many cases they sustained considerable 
damage (ref. 1., Manos et.al. 2008). In what follows, selected results and summary 
observations are presented of the dynamic and seismic behavior of two specific types of 
structural systems that are utilized in a considerable number of churches belonging to the 
so-called Post-Byzantine period (16th to 19th century A.D.). The first is the structural 
system of the cruciform with the central dome, whereas the second is the structural 
system of the basilica that takes a number of variations in plan and height. The present 
study examines the seismic behavior of two churches belonging to the 1st structural 
system (Metamorfosi Sotiros at Zavorda and Holy Trinity at Vithos) and a church 
belonging to the 2nd structural system (Virgin Mary at Tourniki). All these churches are 
part of old monastic complexes in the region of Western Macedonia – Greece and they 
were all subjected to the damaging strong Kozani earthquake sequence of May, 1995. The 
numerical results presented here are part of an attempt to numerically explain the 
observed behavior. The numerical investigation includes modal analysis results; no 
attempt was made to compare these results with in-situ measurements for dynamic 
identification. Next, for all examined structures the numerical analysis predicts the 
demands imposed on the masonry structural elements by critical load combinations which 
include earthquake loading as specified by the Greek Seismic Code (ref. 2). Finally, the 
performance of the various masonry structural elements is evaluated in section 3 by 
examining the ratio values of the Capacity / Demand. The demands are obtained by 
assumed strength values, without the incorporation of any safety factors. Space 
limitations allow only very limited presentation of the observed actual damage. In 
general, the predicted damage regions agree well with observed damage.  

It is obvious that an important next step is the rehabilitation of the damaged 
masonry. The structural repairs of the stone-masonry churches examined here is inhibited 
by restrictions arising from retaining the visible stone-masonry architectural formations at 
the exterior and the frescos at the interior of the masonry walls. An acceptable type of 
repair is the application of low-pressure lime-mortar injections enriched with ceramic 
powder, resulting in a modest increase in the capacities of the various structural elements. 
The application of techniques used for the repair of reinforced concrete structural 
elements (jacketing or use of fiber reinforcing plastics), utilizing the resultant 
considerable capacity increase, is not acceptable for the stone masonry of such heritage 
structures. An alternative solution is lowering the demands by the use of base-isolation as 
the one investigated here. However, the introduction of base isolation under an existing 
old stone-masonry structure is also faced with considerable difficulties, despite the 
advantages that are shown by the results of numerical investigations as the one performed 
here.  
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The “cruciform with the central dome”.  

This structural system is of the cruciform in plan with a central dome and a system 
of cylindrical vaults that also cover the central cruciform plan. The central domes are 
formed by spherical or cylindrical shapes and are supported by the cylindrical vaulting 
through a system of cylindrical rings and spherical pendatives that form the basis of the 
central dome and the links with the cruciform vaulting. Apart from the main vaulting 
system that forms the cruciform, the superstructure is also composed, in certain cases, of 
a transverse secondary vaulting system. Moreover, the peripheral walls are either plane or 
are combined with semi-cylindrical apses (figure 1). 

 
Case A 

 
Case B 

Figure 1. Central spherical dome with cruciform vaulting and cross-vaulting. Peripheral 
walls with Apses for the case B 

  

Figure 2. The Katholikon of the 
Metamorfosi tou Sotiros, in the monastic 

complex of Zavorda, 

Figure 3. Plan of the Katholikon of 
the Metamorfosi tou Sotiros. (East is 

at the right side of this figure). 

The 1st church to be investigated here is the Katholikon of the Metamorfosi tou 
Sotiros, in the monastic complex of Zavorda, in the prefecture of Grevena, Greece 
(Figures 2 & 3); it belongs to the cruciform with central dome type just described. The 
linear numerical simulation focuses on the super-structure and in particular on the 
influence that certain parts may have on the dynamic behavior, such as the dome, the 
vaulting, the tympana, the apses and the door and window openings of both the dome and 
the peripheral walls. This is done by checking the numerical results from the combination 
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of the gravitational and seismic forces by applying an assumed failure envelope that is 
believed to represent the limit-state stone-masonry behaviour. The actual formation of 
seismic damage is utilized to validate the realism of the numerical predictions. Results for 
non-linear numerical simulation attempts were also obtained but are not presented here 
due to space limitations.  

Main Features of The church of Metamorfosi tou Sotiros in Zavorda 

This church was built during the 16th century in the middle of a Monastery 
complex on the top of a rocky outcrop of Mt. Kallistrato of the prefecture of Grevena, 
Greece.  Figure 3 depicts the orthogonal shape of this church in plan. It has a length of 
10.44m in the E-W direction and 7.35m in the N-S direction. The diameter of the North 
and South apses is 4.44m and their depth 2.0m whereas the East apse has a diameter of 
3.85m and a depth of 1.90m. All the peripheral walls and the apses are 0.75m thick. All 
the apses have window openings of 0.6m width and 1.20m height. The height of the 
peripheral walls is 3.2m. The dome has a diameter of 3.50m, a thickness of 0.3m and a 
height of 1.857m; it rises from the top of a ring formed internally by the four pendatives. 
This ring rises 0.40m from the keys of the four cylindrical vaults which are part of the 
cruciform and have a thickness of 0.30m. These main cylindrical vaults end at their 
supporting tympana on top of the peripheral walls; these tympana have a thickness of 
0.70m The four pendatives are supported by four internal square central piers having plan 
dimensions 0.75m x 0.75m and a height of 3.20m.  

  

Figure 4a. 3-D representation of the 
Katholikon of the Metamorfosi tou 

Sotiros with its narthex 

Figure 4b. Damage of the cruciform 
vaults and the pendatives supporting the 

central dome. 

Externally, at the base of the dome, a square masonry “box” is formed with its 
vertical sides rising from the top of the main cylindrical vaults (Fig. 4a). Externally, the 
vaulting system and this masonry “box” support a wooden roof system with ceramic tiles. 
The central dome has eight windows symmetrically spaced around its periphery having a 
height of 0.60m and a width of 0.30m. An additional feature of this church is the narthex, 
which is located at the front of the church (Fig.  4a). The narthex is formed by peripheral 
walls with a height of 2.60m and a thickness of 0.70m, and in this way extends at a lower 
level than the West transverse peripheral wall. This church was damaged during the 1995 
strong earthquake sequence and is still undergoing repair. (Fig. 4b).  
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Main Features of  The church of Holy Trinity, in Vithos-Voeou. 

  

Fig. 5a. Holy Trinity church - Exterior Fig. 5b. Holy Trinity church - Interior 

  

Fig. 5c. Holy Trinity church – Plan. (East 
is at the right side of this figure). 

Fig. 5d. Holy Trinity church – Cross 
section. (East is at the right side) 

   

Fig. 5e. Holy Trinity church – Vaulting 
system (East at the left side). 

Fig. 5f. Holy Trinity church – 
Vaulting system and roof. 

This church is an extended cruciform-with-central dome structural formation that 
dates from 1800 A.D.  Its main geometric features are 17,60m x 9,85m in plan and 8,65m 
high up to the level from which the central cylindrical dome springs in order to reach the 
top level of 13.8m from the ground. Figures 5a to 5f depict the most important 
geometrical features of this church. It can be seen in these figures that the superstructure 
is formed by a system of arches, vaults, pendatives and domes that are supported by the 
peripheral walls and apses as well as by the internal walls and colonnades. All these 
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structural elements are constructed from stone masonry. This vaulting system is utilized 
to support the wooden roof. Also, in this case, the observed damage is mainly at the 
peripheral walls as well as at the arches that support the central dome and the central 
dome itself. It is believed that part of this damage must be attributed to the 1995 strong 
earthquake sequence and is still undergoing repair.  
The “Basilica” 

This structural system is of rectangular shape, formed by the peripheral walls; a 
semi-cylindrical apse is part of the East wall, whereas the interior is usually divided into a 
number of naves by longitudinal colonnades of various dimensions and shapes. The 
simplest formation of a  “Basilica” is that of a single-space rectangular structure without 
interior separations. Such a structure is examined in this paper; this is a two-story 
Basilica, which is devoted to the Virgin Mary and belongs to the Monastic complex of 
Torniki, located at a distance approximately 5.0 kilometres West from the 1st church.  

  

Figure 7. The church of Virgin Mary of the Monastic complex of Torniki 

  

Figures 8a, b Plan and cross section of the The church of The Virgin Mary of 
Tourniki (East is at the right side of the church shown in this figure). 

Such a two-story Basilica (Fig. 7), is a rather rare structural system that can be 
found in the monastic complexes of Mt. Athos. The behavior of this two-story Basilica is 
numerically simulated by focusing on the super-structure and in particular on the 
influence of the cylindrical vaulting system that exists at the 1st story level as well as at 
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the roof. The numerical investigation for this 2nd church is extended to study the 
introduction of a base isolation system. 

Main Features of The church of The Virgin Mary of Tourniki  

The establishment of the monastic complex and the building of this church is set at 
the 11th century A.D. This church is a two-story box-type “Basilica” structural system 
formed by two longitudinal walls (North and South) and two transverse walls (East and 
West) with a thickness of 700mm. The East transverse wall is dominated by two apses 
(one for each story) with a thickness of 700mm (Figs 8a and 8b).  A relatively complex 
system is constructed at the East transverse wall with the two Apses in order to transfer 
the gravitational forces of the top East wall and Apse, which are offset by 700mm 
towards the interior of the church, when compared with the East wall and Apse of the 
bottom story (Figs 7, 8a & 8b). The top story ceiling is formed by a longitudinal semi-
cylindrical vault with a thickness of 350mm which supports the wooden roof together 
with the peripheral walls that extend appropriately for this purpose.  Despite some small 
differences in the length of the North and South longitudinal walls, the structural system 
as a whole can be assumed to retain a mid-axis of symmetry with respect to the East-West 
longitudinal direction. Apart from the difference in the length of the longitudinal walls the 
exact location of the window openings deviates from this symmetry; However, these 
deviations are not believed to be very significant. This church was also subjected to the 
same 1995 strong earthquake when the monastic complex was not in use; damage visible 
at the cylindrical vaults cannot be linked directly to the event.  

LINEAR-ELASTIC NUMERICAL INVESTIGATION  

The numerical investigation of the behavior of all examined churches adopted 
mechanical property values that are listed in Table 1 (ref. 1, Manos et.al. 2008). All 
masonry is constructed with natural stone extracted locally and relatively weak mortar 
based on lime. No experimental data are available for the properties of the constituent 
materials or the masonry  for the churches being investigated. The values listed are based 
on the behavior of stone masonry piers constructed in the laboratory.  

Table 1. Assumed Characteristics of the Stone Masonry 

Young’s 
Modulus 
(N/mm2) 

Poisson’s 
Ratio 

Stone Masonry 
Compressive  Strength  
(N/mm2) 

Stone Masonry  
Tensile  Strength  
(N/mm2) 

2000 0.2 0.96 0.115 
 

The church of Metamorfosi tou Sotiros  

The numerical study includes the determination of the fundamental eigen-modes 
and eigen-periods of the studied structural system. The eigen-periods for this church (Tx 
and Ty) and the corresponding modal mass participation ratios (Ux and Uy, as 
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percentages of the total mass), were obtained from the numerical model and are shown in 
figure 9. The deformation patterns for the gravitational forces are shown in figure 10a 
whereas in figures 10b and 10c the deformation patterns for the seismic actions in the 
longitudinal (Ey) and in the transverse (Ex) directions are also depicted. The maximum 
horizontal displacements at the top of the dome level for the seismic actions Ey and Ex 
are 4.49mm and 3.63mm, respectively. 

  

Figure 9. Main eigen-modes and eigen-periods of the final model for the church of 
Metamorfosi tou Sotiros 

Main Observations.   

a) The two dominant eigen-modes are the East-West (longitudinal) and North-
South (transverse) translational modes. They mainly mobilize the mass of the central 
dome and vaulting system and only a small part of the peripheral walls. The central dome 
represents a relatively flexible subsystem with considerable mass. The external masonry 
confining box increases the stiffness of this subsystem and results in mobilizing its mass 
within the main two eigen-modes.  

b). The gravitational loads from the vaulting system and dome displace the 
peripheral walls outwards (out-of-plane bending) generating in this way horizontal 
reactions that partially support the vaulting system together with the central columns and 
internal piers. The presence of apses significantly reduces the out-of-plane deformations 
(Fig. 10a). The cylindrical cruciform main vaulting system is significantly distorted in the 
absence of tympana or apses.  

c). Whereas the out-of-plane displacements are significantly reduced by the 
presence of the apses for both the gravitational loads and the earthquake forces, the 
presence of the apses decreases the in-plane stiffness of the peripheral walls. This 
decrease in the in-plane stiffness due to the presence of the apses increases the shear 
stresses generated by the earthquake forces at the spherical pendatives supporting the 
dome.  

d). The earthquake forces are resisted mainly by the in-plane action of the 
peripheral walls, when the apses are not present. With the increase of out-of-plane 
stiffness through the construction of the apses the earthquake forces are almost equally 
resisted by the in-plane and out-of-plane actions of the peripheral walls. (figures 10b & 
10c). The stress fields that develop correspond to this type of behavior. 
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Figure 10a. Deformations for the Gravitational 
Loads     δmax = 1.14mm at the top of the central 

dome. 

 

Fig. 10b. Ey δmax = 4.49mm 
at the top of the central 

dome. 

 

Fig. 10c. Ex δmax = 3.63mm 
at the top of the central dome 

The church of Holy Trinity, in Vithos-Voeou.  

Figures 11a and 11b depict the fundamental eigen-modes and eigen-periods of this 
studied structural system, which are in the range of 0.15 to 0.11 seconds and were 
obtained employing the same elastic property values as in section 2.1. The deformation 
patterns for the seismic actions in the longitudinal (Ex) and in the transverse (Ey) 
directions are depicted in figures 12a and 12b. The maximum horizontal displacements at 
the top of the dome level for the seismic actions 1.4Ey and 1.4Ex are 13.779mm and 
13.412mm, respectively. The maximum displacements at the corner where the West 
peripheral wall meets the South peripheral wall, for the seismic actions 1.4Ey and 1.4Ex, 
attain the values 1.928mm and 1.245mm, respectively. As can be seen, the maximum 
horizontal values at the top of the dome for the Holy Trinity church are approximately 
three times larger than the corresponding values for the Metamorfosi of Sotiros church. 
This must be attributed to the height of the cylindrical central dome and also indicates the 
increased seismic vulnerability of the vaulting and dome system of the Holy Trinity 
church, as is demonstrated by the observed damage 
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Ty= 0.154 sec Uy = 44.67 % 

 

Tx= 0.108 sec,  Ux = 38.46 % 

 

Fig. 11a. Model with roof 1st 
translasional y-y mode 

Fig. 11b. Model with roof 4th  translasional 
x-x mode 

 

  

Fig. 12a. 1.4 Ex δmax = 13.779mm at 
the top of the central dome. 

Fig. 12b. 1.4 Ey δmax = 13.412mm at 
the top of the central dome. 

The church of The Virgin Mary of Tourniki  

In the numerical study of the behavior of this church, the mechanical property 
values, which were adopted and listed in Table 1. for the 1st church, were also utilized 
here. The lower value for the Young’s Modulus was used for the regions of the masonry 
walls corresponding initially to windows that were filled with masonry at a later stage. 
The linear numerical investigation for this church was extended to include a scheme of 
six base isolators having a diameter of 300mm each, located at the four corners and at the 
middle of the longitudinal walls. Figure 13 depicts the eigen-modes and eigen-periods of 
the non-isolated and the isolated structure. Figure 14 depicts the horizontal deformations 
of both the non-isolated and the isolated structure for load combinations that include the 
gravitational forces and the seismic action in either the x-x or y-y directions, as specified 
by the Greek Seismic Code (ref. 2, Greek Seismic Code, 1999). 
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1st y-y  
Τ= 0.1375sec.  
Uy =73.94 %   
Non -Isolated 

 
 

1st  x-x   
Τ= 0.0942 sec  
 Ux =  68.02 % 
Non -Isolated 

 
 

1st y-y  
T = 1.8042sec. 

Uy =98.6 % 
Isolated 

 
 

1st x-x   
T= 1.7811 sec 
Ux =  98.6 % 

Isolated 

Figure 13. The eigen-modes and eigen-frequencies for the non-isolated and  the isolated 
structure 

 

 
 
 

Non-Isolated 
0.9G + 1.4Ex 

δmax = 2.015mm 

 
 
 

Non-Isolated 
0.9G + 1.4Ey 

δmax = 3.081mm 

 
 

Isolated 
0.9G + 1.4Ex 

Top δmax = 16.708mm 
Base δmax = 15.635mm 

 
 

Isolated 
0.9G + 1.4Ey 

Top δmax = 17.98mm 
Base δmax = 16.30mm 

Figure 14. Horizontal deformations of non-isolated and isolated structure. 

The numerical investigation utilized the design response spectra specified by this 
seismic code, with the response modification factor having values of either q=1.5 for the 
non-isolated structure or of q=1.0 for the isolated structure. Six cylindrical isolators with 
a diameter equal to 300mm and a height of the elastomeric part equal to 105mm were 
selected and numerically simulated as linear link elements having the resulting horizontal 
and vertical stiffness properties. As was expected, the deformations for the isolated 
structure are larger than those of the non-isolated structure; however, the largest part of 
these deformations develop, as was expected, at the base isolation level leading to small 
displacements of the superstructure relative to the isolated base. This is more evident 
when the shear and normal stress response, in terms of demands, is compared to the 
corresponding capacities, as will be discussed in the following section 3.2. 
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EVALUATION OF THE STRUCTURAL PERFORMANCE AND 
CONCLUSIVE REMARKS 

The demands, in terms of normal and shear stress response, which were predicted 
by the linear elastic numerical simulation, are next utilized together with an assumed 
failure criterion with tension cut off. The values, which were used to define this criterion 
are listed in Table 1. Initiation of failure is assumed when these demands exceed the 
following capacities: a) The normal stress response exceeds the allowable compressive 
strength, 3.846 N/mm2 b) The normal stress response exceeds the allowable tensile 
strength of Masonry, 0.192 N/mm2 c) The shear stress response exceeds the shear 
strength of stone masonry. Following the proposed revisions to Eurocode-6 (ref. 3., 
Eurocode 6, Nov 2002) the shear failure criterion that was adopted is:  

fvk = fvko + 0.4 σn          (1) 

where: fvko is the shear stress when the normal stress is zero; fvko was  assumed to be equal 
to 0.192 N/mm2. σn is the normal stress 

 

 

 

Fig. 15. Predicted damage regions for 
the church of Metamorfosi tou Sotiros 

Fig. 16. Predicted damage regions for the 
church of Holy Trinity 

The churches of Metamorfosi tou Sotiros and the Holy Trinity 

Figure 15 is the summary of the predicted performance for the church of 
Metamorfosis tou Sotiros whereas figure 16 depicts the predicted performance of the 
vaulting system and the South peripheral wall for the church of Holy Trinity. This is done 
on the basis of comparing capacity / demand ratio values for the various masonry 
structural elements. 

 Conclusive Remarks   

a1. It can be stated that apart from the shear damage that is predicted at the 
peripheral walls near the openings (figure 15, z4), widespread regions of tensile-shear 
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damage (z1) is predicted at the keys of the vaults and tensile (z2) or shear (z3) damage is 
predicted at the connections of the vaulting system or the apses with the peripheral walls.  

a2. The above conclusion is also valid for the peripheral walls for the church of 
Holy Trinity (figure 16). As expected, due to the height of the central dome, an increased 
seismic vulnerability of the vaulting and dome system is indicated by the predicted 
performance. 

a2. All the above predicted zones of potential failure are credible, as can be 
deduced from such damage patterns observed in this structure after the 1995 strong 
earthquake event. An additional extensive non-linear analysis was performed in order to 
verify the observed damage with numerical predictions. Due to lack of space these results 
are not included.   

Ratio Values 
Shear stress Capacity / demand 

Ratio Values 
Normal stress Capacity / demand 

 
 

Non-Isolated  0.9G + 1.4Ey 

 
 

Non-Isolated  0.9G + 1.4Ex 

 
 

Isolated   0.9G + 1.4Ey 

 
 

Isolated  0.9G + 1.4Ex 

Figure 17. Summary evaluation for the church of The Virgin Mary of Tourniki  
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The church of The Virgin Mary of Tourniki  

The same evaluation process with the same assumed failure criterion described  
before, was applied again for the 2nd church. This is depicted in a summary form by figure 
17 for both the non-isolated and the isolated structures. 

 Conclusive Remarks   

b1. The normal stress demands by far exceed the capacities at the bottom of the 
longitudinal walls for the non-isolated structure.  

b2. The base-isolation scheme is effective in reducing these demands below the 
capacities. The same is also true, up to a point, for the shear stress capacities versus 
demands ratio values. 

 b3. Despite the effectiveness of the base isolation in reducing the stress response 
demand at levels satisfied by the capacities, a significant difficulty is the construction of 
the base isolation under the existing structure bearing in mind1 the limitations of handling 
masonry walls with valuable old frescos on their internal surface.  

CONCLUSIONS 

1. The numerical results presented here are part of an attempt to numerically 
explain the observed seismic behavior of Post-Byzantine stone masonry churches. The 
relatively simplified linear analysis approach together with the adopted failure criteria 
seems to verify the development of the actual damage in all three examined structural 
formations. Both predicted and actual damage is mainly concentrated at the keys and 
supports of the arches and vaults, at the supports of the roofing system as well as at the 
door and window openings of the peripheral walls. Further extensive verification is 
needed for the assumed strength values utilized by the failure criteria. A number of tests 
is currently under way.  

2. The numerical introduction of a base-isolation system for the third structural 
formation, was quite effective in lowering the demands and thus resulting for most 
structural elements  in Capacity/Demand ratio values larger than one (Capacity/Demand > 
1), which is assumed to indicate acceptable structural performance. However, the 
introduction of base isolation under an existing old stone-masonry structure is also faced 
with considerable difficulties, despite the advantages that are shown by the results of 
numerical investigation. In the particular case the introduction of a base isolation is 
facilitated by the fact that this church will be moved to a new location as the location 
where it now stands will be flooded after the construction of a new dam. 
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Abstract 
The Canadian Parliament buildings are heritage structures that need to be evaluated against 

the seismic hazard in the City of Ottawa and the requirements of the recent National Building Code 
of Canada. Experimental work was conducted to investigate proposed ways to strengthen the 
exterior unreinforced stone masonry walls of the buildings. Eight representative walls were built 
with six being rehabilitated with different metal anchors and traditional interlocking. The in-plane 
seismic capacity, ductility, dissipated energy, stiffness degradation, and linear and nonlinear viscous 
damping were examined. The stone walls were composed of limestone and sandstone wythes 
separated by a cavity filled with rubble stones and weak mortar. The experimental results showed 
that none of the anchors used gave noticeable improvements in the properties investigated.  

Keywords: Heritage Structures, Stone Masonry, In-Plane Seismic Behaviour, Vscous 
Damping, Ductility, Stiffness Degradation 
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INTRODUCTION 

The Parliament buildings of Canada are typical of structures that were built before 
any seismic code had been written, being built by “rule-of-thumb” - the experience of the 
builders. The new National Building Code of Canada (NBCC) [1], indicates that if a 
building is “old” and its performance to date has been satisfactory, this does not mean that 
the building will necessarily perform safely during a potential future seismic event. For 
this reason, such structures need to be assessed in terms of their ability to resist seismic 
loads. However, there are difficulties in applying the new regulations. First the load an 
earthquake is likely to induce in the building has to be determined, which requires an 
estimate of how the building will respond to a future possible earthquake. Second, the 
load-resisting capabilities of the existing structure also have to be estimated to assess 
whether the building will be able to resist the estimated load. Therefore, the requirements 
for resisting earthquakes in the new NBCC can present major difficulties for conservation 
engineers in terms of whether an existing building needs to be strengthened or not. If 
strengthening is deemed necessary, the next problem lies in the selection of the 
strengthening scheme to be implemented, as it is of particular importance for heritage 
buildings to minimize structural interventions that could reduce the heritage value.   

The basic requirements of the NBCC for “old” structures, including heritage 
structures, are life safety, comfort of the occupants, building functionality for intended 
use, durability, and economics. Life safety is addressed by ultimate limit states criteria 
(strength, stability, and integrity). Serviceability limit states control the comfort and 
economics. The City of Ottawa can be considered to be a low to medium seismic zone 
(Sa(0.2) = 0.66 < 0.75). As a result, life safety can often be greatly improved at relatively 
low cost by providing support to masonry buildings. The Parliament buildings were built 
of three-wythe stone masonry where the inner wythe is of rubble stone bonded with weak 
mortar. The paucity of data on the seismic behaviour of similar structures provides a great 
challenge, as such stone masonry is thought to have a high risk of vulnerability to seismic 
activity due to the non-homogeneity and possible poor adhesion between the wythes in 
the walls. In addition, accumulated environmental effects can impair the ability of such 
masonry to resist seismic loads.   

Methods available to strengthen unreinforced masonry structures, e.g., [2-9] may 
not be adequate for stone masonry with a rubble core. In addition, greater variability in 
the mechanical properties (e.g. elastic and shear moduli) of this type of masonry can be 
expected compared to that of plain brick or blockwork. Therefore, each historic structure 
has its own characteristics and variability. Experimental work related to the seismic 
behaviour of three wythe stone masonry is scarce [7]. An effective and efficient way to 
rehabilitate such rubble stone masonry is grouting (e.g. by cement). However, increasing 
grout strength benefits neither the strength nor the stiffness of such masonry walls [7]. 
Grouting has not been preferred in the current work. Masonry bonding is an alternative to 
improve the seismic behaviour of rubble stone masonry with minimum intervention [10]. 
Metal anchors can also preserve the heritage values of stone masonry buildings. 
Nevertheless, the use of metal anchors to tie the two outer leafs of the wall across the 
rubble core was observed to have little effect on strength, but did reduce the wall dilation 
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at ultimate when subjected to monotonic axial compressive stress [8]. In addition, the use 
of metal anchors could give better results when combined with grouting. The 
experimental results of Valluzzi et al. [8] contradict the numerical results of Jordan and 
Brookes [4], which indicate possible benefits of tying stone walls with metal anchors. The 
paucity of information regarding the aseismic and dynamic behaviours of rubble stone 
masonry was the main motivation for the current work. Therefore, a wide scope of 
seismic characteristics was investigated under cyclic quasi-static loading – characteristics 
such as lateral strength, stiffness degradation, hysteretic energy, and ductility. Free 
vibration tests were conducted on the walls to examine the damping mechanisms and 
ratios. The experimental program was executed on walls representative of those in the 
West Block building on Parliament Hill in Ottawa as shown in Figure 1. 

 

Figure 1: West block building in Ottawa 

EXPERIMENTAL PROGRAM  

The behaviour of these walls under cyclic quasi-static loading and free vibration is 
described here. The free vibration test results were used to examine the damping 
characteristics in the undamaged and damaged states as shown in Figure 2. Six out of the  

eight walls built were rehabilitated with various types of metal anchors and 
traditional stone interlocking. Two walls were kept plain as shown in Figure 3. The stone 
walls were comprised of a limestone wythe and a sandstone wythe joined by a cavity of 
rubble stone and weak mortar. The limestone wythe was in running bond pattern, while 
the sandstone wythe was in a sneck pattern as shown in Figure 4. The wall dimensions 
were 2000×2750×540 mm (width × height × thickness). The eight walls were constructed 
in two batches (B1 and B2), as described in Figure 3. In the first batch, the stones were 
dressed on the sides that faced the interior of the walls, in contrast to the construction on 
Parliament Hill, in order to reduce the bond strength and the retention of stones in the 
rubble in-fill. Also, the mortar joints were thicker than those of the second batch. This 
discrepancy was intended to simulate to some degree the variability in construction 
expected in the building itself.  

The mortar strength was intentionally kept low so that walls would represent the 
low end of the strength spectrum that could be expected in the actual walls. A lime mortar 
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with a ratio of 1 (lime) to 3 (sand) by volume was used. The cube samples taken from 
batch 1 (B1) had compressive strengths of 1.67 and 2.58 MPa at 6 and 9 months, 
respectively. The mortar in the other walls gave strengths of 0.34 and 0.70 MPa at 28 
days and 6 months, respectively. Such variability was intended to reflect the status of the 
buildings on the Parliament Hill, where many masons have worked on the construction 
and rehabilitation of the buildings over the last 150 years. Two 75 ×150 mm (diameter x 
height) cylinders were cored from the limestone and three from the sandstone. The 
limestone had compressive strengths of 99.3 and 105.6 MPa, with corresponding elastic 
moduli of 21.6 and 62.1 GPa. For the sandstone, compressive strengths of 232, 247 and 
202 MPa were obtained with Elastic Moduli of 59.0, 67.2, and 58.7 GPa, respectively.  

 

Figure 2: Sequence of the free vibration tests 

 

 

Figure 3: Rehabilitation schemes used in the stone walls 

Plain: W1(B1) 
           W2(B1) 

Cintec anchor: W3 (B2)-W4(B2) 
Fully-socked Cintec: W5(B1) 

Helifix: W6(1) 

Stainless steel cramps: W7(2) Overlapping stones every 1 m2: W8(2) 

Phase I: Free vibration testing on the walls for the undamaged state. 

Phase II: Free vibration testing on the walls post the in-plane quasi-static and high 
frequency racking. 

Phase III: Free vibration testing on the walls post the out-of-plane shaking table. 
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Figure 4: Bond patterns and core cavity in the stone walls 

The in-plane cyclic quasi-static test was performed according to the displacement 
scenario shown in Figure 5. The maximum displacement was 5.0 mm, which 
corresponded to the expected spectral displacement from past earthquakes scaled to 
match the requirements of the uniform hazard spectrum (UHS) values for the City of 
Ottawa in NBCC 2005. During the cyclic tests, an axial compressive stress of 0.3 MPa 
was applied to the walls, except for W2 where the compressive stress was doubled. The 
boundary conditions were aimed at producing ends fixed against rotations. For the free 
vibration tests, the damage scenarios were selected such that the effect of in-plane and 
out-of-plane induced damage on the damping mechanisms and ratios of the stone walls 
could be evaluated. For the in-plane damage, in addition to the cyclic quasi-static loading 
described above, a sinusoidal high frequency loading at 5.0 Hz with linearly increasing 
amplitude (to 10 kN) was applied as well. The out-of-plane damage was produced 
through shake table tests as described in Sorour et al. [11]. General views of the stone 
walls in in-plane and out-of-plane tests are shown in Figure 6.   

 

Figure 5: Displacement amplitudes for the in-plane quasi-static tests 
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Figure 6: Views of the in-plane and out-of-plane tests 

The free vibration tests were conducted by imposing a lateral displacement to the 
top of the wall with a tension cable. The tensile force in the cable was designed not to 
exceed 9.0 kN (Figure 7) so that the walls would not crack. The cable was then released 
to vibrate the wall and produce accelerations that were monitored by accelerometers 
mounted at different levels along the wall height.      

 

Figure 7: Conducting of the free vibration tests 

TEST RESULTS 

Cyclic quasi-static tests 

For the first batch of walls, no cracking occurred until the maximum displacement 
of 5.0 mm was imposed. Repeated excursions to this value of displacement produced a 
stepped-diagonal cracking pattern. However, the stepped-diagonal pattern obtained was 
more tortuous than the usual stair-stepped pattern that develops in regular unreinforced 
masonry (URM). This is because of the irregular stone sizes in the construction of the 
stone wythes [12]. In the second batch, walls had to be displaced several times to 5.0 mm 
to produce a similar cracking pattern. The failure mode of these stone walls was not like 

Cable used to 
apply 9 kN 

(a) View of the in-plane tests  (b) View of the out-of-plane tests  



CSHM-3; 11-13 August 2010, Ottawa-Gatineau, CANADA P a g e  | 231 

Elmenshawi, “Aseismic Performance of Rehabilitated Heritage Stone Structures in 
CANADA”, 7/14 

that of regular URM with the same aspect ratio (width/height < 1.0), as such URM walls 
subjected to a relatively light amount of vertical axial stress would be anticipated to crack 
in flexure near the base of the wall [12]. This suggests that either the axial stress of 0.3 
MPa is not a light value or the cracking behaviour of multi-wythe stone walls is unlike 
other URM with the same aspect ratio. It was observed that the cracking paths were 
different in the limestone and the sandstone wythes because the bond pattern was 
different. The walls of the first batch developed a hair-line in-plane crack at the interface 
between the stone and the mortar and there was minimal visible splitting of the sandstone 
or limestone wythe from the inner rubble core. This phenomenon was not observed in the 
second batch. Samples of the hysteretic diagrams are shown in Figure 8 and the analysis 
of these has been presented elsewhere [12].   

 

Figure 8: Hysteretic behaviour of the stone walls [12] 
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Free vibration test 

An example of measured acceleration versus time is shown in Figure 9 for W3, 
where responses could be measured for all three stages of damage. The acceleration is the 
average for both wythes at the top of the wall. It appears there is no unique trend for the 
effect of damage on the acceleration response, and consequently on the vibration 
characteristics. It is expected that the fundamental mode will be dominant as the higher 
modes are suppressed by their higher damping ratios. The decay in the acceleration 
response was used evaluate the damping ratios and damping mechanisms in the walls.  

 

Figure 9: Acceleration vs. time for W3 in free vibration tests for the three phases of 
damage 

DISCUSSION 

In-plane seismic characteristics  

The effect of the rehabilitative schemes on the lateral strength Vu (average of both 
sides) of the stone walls can be observed from Table 1. Neither the introduction of 
anchors nor the traditional stone interlocking affected the properties significantly when 
compared to the plain wall (W1). The fluctuation in the results (less than ± 20%) is 
ascribed to the natural variability that exists in this type of masonry. A similar conclusion 
was reached by Valluzzi et al. [8] for stone walls under axial compression.  

Table 1: In-plane seismic characteristics of the stone walls   
Wall No. W1 W2* W3 W4 W5 W6 W7 W8 
Vu (kN) 138.8 -- 153.6 148.6 130.1 124.6 155.2 161.2 
Et/Et-W1 1.0 -- 0.85 0.91 1.04 0.81 1.12 1.01 
k/ko 0.44 -- 0.54 0.51 0.42 0.41 0.45 0.51 

* The results of W2 are excluded from the comparisons because it had a different axial stress. 
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The ductile behaviour that can commonly be seen in reinforced concrete and 
reinforced masonry structures is not available in URM as the reinforcement (the source of 
the ductility) does not exist. However, the progressive nonlinear behaviour shown in 
Figure 8 can be transformed to an equivalent elasto-plastic system with limited ductility 
[12]. This limited ductility is calculated as: 

 (1) 

The ratio k/ko is an index for stiffness degradation. For k/ko = 1.0, where there is no 
degradation, the maximum value of ductility is µ = 2.4 and this value decreases as k/ko 
increases. It has been suggested that for practical use, k/ko should be taken as 0.8, to 
account for cracking and nonlinearity before yield in the equivalent bi-linear system. k/ko 
= 0.8 yields a ductility index of 1.7. This value of limited ductility represents a potential 
ductility capacity for unreinforced stone masonry in the in-plane direction. None of the 
rehabilitation schemes showed significant benefit in the walls tested.  

The hysteretic energy capacity of the stone walls can be calculated from the 
hysteresis loops shown in Figure 8. The energy capacity for each wall is normalized with 
respect to the capacity of W1 to provide a direct comparison of the effect of the 
rehabilitation techniques and is shown in Table 1. Again, none of the rehabilitation 
techniques provided a significant benefit considering the normal variability to be 
expected in such masonry. The stiffness degradation k/ko at ultimate capacity is also 
shown in Table 1, with the walls losing about 50% of their initial stiffness at the 
displacement of 5.0 mm. This may be considered significant for structural evaluation. 

Linear and nonlinear viscous damping  

The viscous damping ratio ζ is used in linear dynamic analysis to account for 
dynamic force dissipation mechanisms in elastic systems. ζ can be extracted from free 
vibration tests. Since free vibration tests are carried out in linear stages, ζ is denoted as 
the linear viscous damping ratio. Values of ζ for stone masonry structures are not known 
explicitly as they are for reinforced concrete, steel or regular masonry structures. 
Accordingly, such values may overestimate or underestimate the dynamic response of the 
stone masonry structures. Since progressive cracking occurs in masonry structures, their 
damping ratios would be different from those used for reinforced and steel structures. 
Also, the reduction in elastic modulus due to cracking would increase the damping level 
as compared to the uncracked behaviour. A viscous damping ratio ζ between 1.5 and 4% 
had been suggested for unreinforced stone masonry based on a shake table test [13]. 
Although the viscous damping mechanism is the assumed type in dynamic analysis due to 
its ease mathematical formulation; particularly in systems of multi degrees of freedom, 
Coulomb friction damping may also exist as it is responsible for ceasing the system 
motion [14]. The Coulomb friction damping mechanism is of interest, since behaviour of 
multi-wythe stone walls may depend on the friction between the stones and the 
surrounding mortar. Only viscous and Coulomb friction damping (linear damping) can be 
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evaluated from the free vibration tests. Hysteretic (nonlinear) damping is evaluated from 
the in-plane quasi-static tests discussed above.           

The relationship between the logarithmic decrement Δ in the acceleration response 
and corresponding viscous damping ratio for single degree of freedom (as assumed for 
the walls) ζ is:   

 (2) 

If the stone walls are elastic, they should have one viscous damping ratio ζ as the 
damped natural period of vibration Td and the decay Δ will be unchanged. Nevertheless, 
as can be seen in Figure 9, the behaviour is not elastic, since the acceleration amplitude 
changed from phase I to II and III. In addition, the relationship between Td and ζ is drawn 
in Figure 10, in which ζ and Δ were calculated from every two consecutive cycles for 
every wall in phase I. The result implies the viscous damping ratio is amplitude-
dependent. For each phase, the relationship between the acceleration amplitudes 
(normalized to the maximum absolute value) and time (normalized to the average value 
of Td for each wall) is shown in Figure 11, in which the regression analysis is used to 
extract the value of Δ and ζ. The damping ratios for phase I, II, and III are 3, 4, and 5%, 
respectively. Therefore, the viscous damping ratio is damage-dependent    

 
 

Figure 10: Relationship of viscous damping ratio and natural period of vibration 

Variation of the viscous damping ratio with damage reveals that other damping 
mechanisms exist and the walls did not behave linearly as assumed in the analysis above. 
For multi-wythe stone walls, Coulomb friction damping can be expected between the 
stone units and the mortar. The difference between viscous and Coulomb friction 
damping in such types of stone walls is presented in-depth elsewhere [15]. Figure 12 
shows possible regression functions for the envelope of the acceleration-time relationship. 
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It seems that there is insignificant difference between exponential and straight line 
functions. For the exponential function that represents the viscous damping, the 
correlation coefficients of phases I, II, and III (for the data shown in Figure 11) are 0.92, 
0.86, and 0.88, respectively. If straight line functions are used (representing Coulomb 
friction damping), the correlation coefficients are 0.76, 0.74, and 0.79 for phases I, II, and 
III, respectively. Therefore, Coulomb friction damping exists strongly in the vibrating 
walls. However, there is no need to model both damping mechanisms, since the viscous 
type is the easiest damping type that can be used in dynamic analysis 

 
 

Figure 11: Extracting viscous damping for phase I 
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Figure 12: Decay functions of damping mechanisms 

Nonlinear damping represents the hysteretic damping provided by the walls. This 
type of damping can be transformed into an equivalent linear viscous damping ζeq as:  

                                                (3) 

where: Ei and Esi are shown in Figure 13. A characteristic value of 4% was 
obtained by Elmenshawi et al. [12]. Accordingly, the total viscous damping that can be 
used in dynamic analysis and account for the nonlinear hysteretic damping is the 
summation of values obtained from the free vibration tests and 4%. Therefore, the use of 
a viscous damping ratio based on elastic spectral analysis would overestimate the seismic 
forces. More discussion is provided in Elmenshawi et al. [15].      

 
 

Figure 13: Characterization of nonlinear viscous damping 

CONCLUSIONS 

Unreinforced multi-wythe stone masonry walls provide a more tortuous cracking 
pattern to that of regular URM having the same aspect ratio, when subjected to in-plane 
quasi-static displacement reversals. The use of the proposed cross-wall anchoring 
rehabilitation/strengthening schemes to tie the outer wythes of the stone walls together 
gave no benefits in terms of lateral strength, dissipated energy, stiffness degradation, and 
displacement ductility. Regular maintenance of the stone walls to keep them in as good a 
condition as possible is likely to be at least as equally beneficial in terms of maximizing 
seismic resistance and more beneficial in retaining heritage value. Although the use of a 
linear viscous damping ratio is much easier in dynamic analyses, multi-wythe stone walls 
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also possess Coulomb friction damping. The viscous damping ratio of stone walls is 
amplitude and damage dependent. 
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Abstract 
The National Building Code of Canada (NBCC) was revised in 2005 [1]. This new edition 

of the code introduced some strict requirements for the resistance of buildings to earthquakes, 
which apply to unreinforced masonry buildings. It might therefore be necessary to increase the 
resistance of such buildings. Tying the wythes of multi-wythe unreinforced stone masonry walls 
together with through-the-wall anchors was suggested as a potential method of strengthening such 
walls to meet the new requirements.  

Eight unreinforced stone masonry walls were built and tested to determine the effect of 
through-the-wall anchors on the behaviour of the walls under different loading conditions. The 
walls had one side built from sandstone and the other from limestone with a rubble core between. 
Of the eight walls, two were left plain, two had Cintec anchors installed during construction, one 
had Cintec anchors installed after construction, one had Helifix anchors, one had stainless steel 
cramps, and one had large overlapping stones. The walls were tested in-plane under axial concentric 
and eccentric compression, shear, flexure, free vibration, slow and high speed racking; and out-of-
plane on a single degree-of-freedom shake table. The results showed that the presence of through-
the-wall anchors affects the behaviour of the walls in some tests, while they have no effect in 
others. The effects of the anchors are discussed..  

Keywords: Stone Masonry, Historic Structures, Rehabilitation, Transverse Anchors, In-
Plane Testing, Elastic Modulus 
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INTRODUCTION 

Interest in strengthening and upgrading historic masonry structures has grown with 
our knowledge of the behaviour of structures in seismic events and our ability to predict 
possible earthquake hazards. Older masonry structures are thought to be vulnerable to 
collapse. As many of these older buildings are unique and irreplaceable, studies have 
been focused on developing repair and strengthening technologies. There is consensus 
that it is essential to tie the floors and roofs to the walls of the masonry buildings, so that 
the building will act as a unit, and the forces will be divided among the walls [2-6]. 
Techniques to repair and strengthen the walls include grout injection [2, 7-10], repointing 
and bed-joint reinforcement [11, 12], jacketing [4], and the use of anchors [6, 13]. 
Clearly, not all techniques would be suitable for every building. The standards and 
guidelines for conservation of historic places in Canada [14] call for minimum 
intervention when strengthening any historical structure. This is to ensure that such 
buildings retain their value, and are not damaged by the intervention techniques. Thus 
jacketing for example would not be suitable for strengthening a historical building being 
conserved.  

In order to gain information on the effectiveness of through-the-wall anchors for 
strengthening multi-wythe stone walls, we performed tests on plain walls and walls 
containing through-the-wall anchors. The main objective of the work was to identify the 
effects of the anchors on the behaviour of the walls under different loading conditions. 
The specimens and testing programme are described followed by an overview of the 
results. The results are discussed in respect of the effects the anchors have on wall 
behaviour.  

SPECIMENS 

Eight multi-wythe stone masonry wall specimens were built. The walls had one 
side constructed from sandstone in a sneck bond pattern, while the other was built from 
limestone in running bond. The core was made from rubble masonry (small stones, 
mortar, and shards from dressing the two outer wythes). The walls were about 2.75 m 
high, 2 m wide and 0.54 m thick. After the walls were built, a concrete cap was cast on 
top of each wall to make the combined height of the walls and cap 3 m.  

Two of the eight specimens were plain; one had larger stones which overlapped 
across the core between the wythes roughly every square metre, which is a traditional 
construction technique for such walls. The remaining five walls were constructed with 
various through-the-wall anchors. Two had Cintec anchors that were installed in the walls 
during construction. One had Cintec anchors installed after the wall was built, by coring 
into the wall from the sandstone side. The Cintec anchor is a smooth steel bar with a cloth 
sock around it. After the anchor is installed into the wall, grout is injected into the cloth 
sock to bond the anchor to the wall. The difference between the two anchors is that the 
one installed during wall construction has a steel plate connected to the smooth bar as 
seen in Figure 1. Another wall had Helifix anchors installed through mortar joints on the 
sandstone side. The Helifix anchor is a helical stainless steel bar that is drilled into the 
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wall (Figure 2). The remaining wall was built with a stainless steel cramp placed roughly 
every square metre. Stainless steel cramps are plates about 25 mm wide with their ends 
bent and inserted into grooves created in the stone (Figure 2). The bent part is about 25 
mm in length.  

  

Figure 1: Cintec anchors, installed during building the walls (left), and after building the 
walls (right) 

  

Figure 2: Helifix anchors (left), and Stainless steel cramps (right) 

TESTING PROGRAMME 

The walls were subjected to a rigorous testing programme [15]. The testing 
programme involved in-plane eccentric and concentric axial loading, shear tests, flexure 
tests, free vibration tests, slow racking, and high frequency racking. These tests were 
followed by out-of-plane testing on a shake table, with some of the in-plane tests 
subsequently repeated. The in-plane tests were performed in the testing frame shown in 
Figure 3. As can be seen in that figure, two actuators were fixed at the top of the frame to 
compress the walls. Two actuators were used for two reasons: 1) to help distribute 
compressive loads on the walls as evenly as possible, 2) to allow shear tests where the top 
of the wall was kept horizontal and parallel to the bottom face of the wall, thus providing 
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precise boundary conditions for these tests. A third actuator was held horizontally in the 
frame to apply lateral loading at the top of the wall. In the axial compression tests, the 
walls were subject to axial compression up to a stress level of 0.55 MPa. Compression 
was applied three times at the beginning of the test programme, with the first application 
being eccentric towards the limestone side, the second with the loading eccentric towards 
the sandstone side, and lastly with the loading being applied on the geometrically 
concentric axis. Following these compression tests the walls were subjected to a free 
vibration test. This test involved applying load laterally at the top of the wall, constituting 
a flexural test, with the load and displacement being recorded. Once the load reached a 
predetermined value, the wall was suddenly released from this load and allowed to vibrate 
freely in-plane (the cable through which the load was applied was cut). The acceleration 
of the wall was recorded during the period of free vibration to determine the damping 
properties of the walls and their natural frequency.  

 

Figure 3: In-plane testing frame 

Following the free vibration test a shear test was performed in which axial 
compression load was first applied through the top two actuators. When a certain value of 
the load was reached the actuators were held in position (displacement control) so that the 
top of the wall remained horizontal and parallel to the bottom of the wall. Lateral 
push/pull loading cycles were then applied with the lateral actuator at the top of the wall. 
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Because of the displacement condition applied to the vertical actuators, their loads varied 
with the lateral displacement of the top of the wall. The load in the actuator on what 
would be the tension side of the wall would increase while that in the other vertical 
actuator would decrease. After this test to determine the “elastic” shear properties of the 
wall, the wall was subjected to lateral push/pull cyclic loading of increasing amplitude 
every two cycles, to a maximum of +/- 5 mm. The top and the bottom of the walls are 
held horizontal and parallel as in the previous test. This test was done quasi-statically as 
the initiation and progression of cracking was monitored. Subsequently, push/pull cycles 
were applied dynamically at a rate of 5 Hz with no axial load on the wall. At the end of 
this dynamic loading, the walls had suffered significant damage. The axial compression 
loading, flexural, free vibration and shear tests were repeated to capture the change in the 
properties of the walls at this stage of deterioration. The walls were then transferred to the 
shake table where they were tested out-of-plane. Two different earthquake signals were 
applied on the walls on the shake table, each at 3 different levels of amplitude, giving a 
total of 6 shakes for each wall. The walls were subjected to each of the two shakes scaled 
to 60%, 100% and 110% of the uniform hazard spectrum amplitudes. Following the shake 
table tests the walls were subjected to the axial compression tests and the free vibration 
tests again to determine what further change had occurred in the properties of the walls. 
Some of the walls were also loaded axially up to their ultimate capacities. Two of these 
walls (one plain, and one with Cintec anchors) were finally subjected to out-of-plane 
shaking at a frequency of 10 Hz at for ten seconds at each (increasing) amplitude until 
failure was imminent (stones fell, or were about to fall, out of the wall).  

EFFECT OF THE ANCHORS ON THE WALLS 

The anchors were noticed to affect the properties of the walls calculated from the 
axial compression tests. The anchors seemed to have no effect on the properties of the 
walls calculated from the lateral tests. In the following sections the axial load tests, in-
plane lateral tests and the shake table tests will be discussed with a focus on the effect of 
the anchors at each stage.  

Axial Compression Tests 

The axial compression tests were performed to obtain the elastic modulus for 
masonry walls of that type. The load was applied through the actuators to four points on 
the walls. The displacements were measured along four corresponding lines over the wall 
height. The load was assumed to be distributed uniformly over the wall in the concentric 
tests. The stress-strain relationship for the walls was plotted and the elastic modulus was 
evaluated as a secant modulus at a stress level of 0.55 MPa, which is the working stress 
level for the walls (Figure 4).  

The stress-strain relationship was evaluated over the full wall height and over the 
middle third of the wall for each of three levels of damage: initially (no damage), after the 
in-plane tests, and after the out-of-plane tests. The values obtained for the elastic modulus 
for the walls at these three stages are presented in Table 1, where the values in the first 
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row are obtained from the full wall height, and the values in the bottom row are for the 
middle third of the wall. 

The average values for the elastic moduli obtained from the whole wall height 
ranged between 1600 and 2300 MPa, whereas this range was between 1800 and 3500 
MPa when measured over the middle third of the walls. It can be seen from Table 1 that 
the difference in the values for the elastic modulus obtained over the whole wall height is 
minor when compared to that obtained over the middle third of the wall for the plain 
walls. This difference becomes significant for the walls where through-the-wall anchors 
are used. This is true for all testing stages (except for wall #2 post shaking). This 
significant difference in the values of the elastic modulus suggests that the anchors might 
have a local axial stiffening effect. This effect was clear when the deformation was 
measured along a portion of the walls in the vicinity of the anchors. 

 

Figure 4: Stress-strain relationship for a plain wall from the initial axial compression test 

Lateral In-Plane Tests 

The initial lateral tests, namely the flexure, free vibration and shear tests did not 
cause any observable damage to the walls. During the slow racking tests, some hair-line 
cracks were noticed at the mortar-stone interface at the higher displacement levels. These 
cracks were usually not visible once the loading was removed. During the high frequency 
racking tests some walls developed significant cracking. The cracking in this case took a 
roughly “X” shape along the diagonals of the walls. These diagonal cracks occurred in all 
the walls whether they had anchors in them or not. No significant differences were 
noticed in the properties (elastic and shear moduli) calculated from the in-plane tests 
between the walls with or without anchors. The anchors did not seem to affect the 
development of the diagonal X cracks.  

Out-of-Plane Shake Tests 
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After the dynamic in-plane tests, the walls suffered significant damage in the form 
of the diagonal X cracking. The walls were moved, one at a time, to the shake table and 
tested under two different earthquake signals scaled at 60%, 100% and 110%. All the 
walls, with or without anchors, survived the shaking equally. No wall failed.  

Table 1: Elastic modulus values for walls at different stages of the test 

 Wall #1 
(Plain) 

Wall #2 
(Plain) 

Wall #3 
(Cintec) 

Wall #4 
(Cintec) 

Wall #5 
(Cintec, 
Drilled) 

Wall #6 
(Helifix) 

Wall #7  
(SS Cramps) 

Wall #8 
(Interlock 
Stones) 

Initial 1956 1636 2304 1874 2151 n/a 2027 2135 
1825 1846 3304 3162 3380 2048 2902 3475 

         

Post HF 1544 1044 2335 1399 1927 748 1889 2190 
n/a 1345 3024 1782 n/a 1399 2484 2937 

         
Post 
Shake 

1969 882 2069 445 1300 n/a 1695 2063 
1796 1432 4336 2485 1671 1462 2648 2591 

 

Ultimate Axial Loading Test 

In the ultimate axial loading tests it was noticed that at higher load levels – stresses 
over 1 MPa – cracks separating the two wythes from the rubble core became visible on 
the end faces of the walls, Figure 5. 
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Figure 5: Cracks on the side of the walls indicating separation between the wythes 

The presence of the anchors did not prevent the development of such wythe-
separating cracks, with these cracks appearing equally in walls with or without anchors. 
This indicates that the effectiveness of the anchors to hold the wythes together is limited 
to the stones into which the anchors are installed without extending the benefit to 
neighbouring stones. Once the connectivity between the anchored and its neighbouring 
stones is lost – through shrinkage or load-induced cracking – then only friction remains as 
a means of transferring load between the stones. This was not particularly effective as 
demonstrated in the final shake tests on two walls. 

Final Shake Test 

A final shake test was applied to two walls: a plain wall and a wall with Cintec 
anchors installed during construction. Both walls had suffered significant deterioration 
from the in-plane testing and wythe separation from the ultimate axial compression test. 
The walls were shaken with a sinusoidal signal at a frequency of 10 Hz, with increasing 
amplitude. The shake was sustained for 10 seconds at each of the applied amplitudes of 
0.5, 1, 2,… mm. The plain wall was about to fail at the end of the 1 mm amplitude 
segment of the test, through losing a triangular portion of the limestone side just above 
the X crack that had formed during the in-plane loading tests (Figure 6). The wall with 
Cintec anchors lost stones from the top corner of the limestone side of the wall at the very 
beginning of the 2 mm amplitude segment (Figure 6). These stones were adjacent to a 
stone with an anchor, indicating that once the bond between the mortar and stones is lost, 
the effect of the anchor does not extend to neighbouring stones. This result concurs with 
the findings of Valluzzi et al. [13] who reported that grouting is more effective than cross-
wall anchors in improving the carrying capacity, the bond among layers and the failure 
mode of multi-wythe stone walls. 

DISCUSSION 

Cross-wall anchors caused some local stiffening in the walls when the walls were 
loaded axially. The anchors did not seem to affect the properties of the walls when loaded 
laterally in-plane. On the shake table, the walls held together as long as there was bond 
between the various wythes. When this bond was broken during the ultimate axial 
compression test, it was clear that each wythe acted on its own, and the limestones were 
more at risk of falling out. The results here confirm those of previous studies that suggest 
that grouting is a more effective repair strategy than using through-the-wall anchors. The 
stiffening effect of the anchors should be studied in depth, as increasing the stiffness of 
the walls can result in adverse effects regarding the earthquake resistance of the walls. 
The anchors did not prevent the diagonal X cracking from developing in the walls from 
in-plane lateral loading. To prevent these cracks anchors would need to be installed in the 
plane of the wall, rather than through-the-wall. The compatibility of the materials from 
which the anchors are made with the original construction materials of the walls should 
be studied from both the materials and the mechanics perspectives.  



CSHM-3; 11-13 August 2010, Ottawa-Gatineau, CANADA P a g e  | 247 

 

 

 

Figure 6: The plain wall (above) and a wall with through-the-wall Cintec anchors (below) 
after the final shake test. The triangle of stones above the intersection of the diagonals in 
the X-crack were about to fall out in the plain wall, and a few stones fell out at the top of 

a diagonal crack in the anchored wall, next to an anchored stone. 

CONCLUSIONS 

The effect of through-the-wall anchors on the behaviour of multi-wythe stone 
masonry walls and on the determination of different properties of the walls was studied. 
The results of the laboratory tests on walls with and without anchors indicate that 
through-the-wall anchors do not provide an effective strengthening technique for the 

Anchored Stone 
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walls under the loading expected in an earthquake. Installing the anchors in the walls did 
not prevent the stones from falling out, nor did the walls without anchors fail during the 
testing phase. Installing the anchors may cause local stiffening within the walls with as 
yet unknown consequences.  
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